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ABSTRACT 

The earthquake damage prediction is mainly focused on the seismic instability of sandy 

foundations, although the clayey foundation could also be vulnerable to earthquake 

damage. Previously for the dynamic problem, the conventional clay is safe but recently 

investigated results showed that clay foundation showed loss of rigidity and cause 

damages due to earthquake. If the past earthquake damage is examined carefully, 

although there are not many cases like liquefaction damage of sandy foundation, 

earthquake damage of clayey foundation can be also observed. 

 

Naturally deposited clays/sands are mostly found in structured, and usually also in 

overconsolidated states. Furthermore, they exhibit what is more or less a condition of 

anisotropy. In an artificial/remolded sample, the soil skeleton structure is disturbed but 

in naturally soil, the soil skeleton structure is developed. In order to deal with naturally 

deposited materials, it is very important to know about soil skeleton structure, especially 

structure and anisotropy. 

 

The main purpose of this research is to understand the work of soil skeleton structure 

especially for anisotropy and structure and to know the mechanical properties of clay 

and the developing/diminishing of anisotropy. Naturally deposited soil has a highly 

developed structure as compared to remolded soil, so during the deposition process, 

anisotropy is considered to be also highly developed. The knowledge of 

development/diminishing of anisotropy are very important, to understand the 

mechanical behavior of natural soil and the work of soil skeleton structure with ongoing 

plastic deformation is important.  

 

Another important aim is to artificially produce the soil sample having similar 

characteristics to those of naturally deposited soft clay in the laboratory. Because it is 

very important to grasp both static and dynamic mechanical properties of naturally 

deposited clayey materials and it can be achieved by carrying out various systematic 

experiments using the undisturbed soil samples.  

 

Since the cyclic shear strength varies depending on the loading rate, it is important to 

conduct experiments using a suitable loading rate. Therefore, it is important to obtain 

experimental results at the lowest possible loading rate so that the internal state of the 

specimen can be treated as homogeneous and uniform. Therefore, reconstituted clayey 
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samples were subjected to undrained cyclic triaxial compression/extension tests with 

loading rate from 1.0Hz to 0.0042Hz by stress control, and 0.01%/min by strain control 

to determine the undrained cyclic shear behavior of clayey soil under a drastically 

changed loading rate. Finally, the final values of excess pore water pressure after the 

homogenization process was the same regardless of the loading rate. This means that if 

sufficient time is left after cyclic loading, the final mean effective stress value becomes 

equal regardless of the loading rate. 

 

Triaxial tests were carried out using the vertical and the horizontal extraction specimen 

of the reconstituted clay and silty clay, for accumulating experimental facts of the 

development of anisotropy during the preliminary consolidation process and the 

influence of the anisotropy on the shear behavior. The vertical sample shows larger peak 

strength as compared to horizontal, because of the development of anisotropy on the 

compression side. As the confining pressure increases, the difference between the peak 

strength of vertical and horizontal becomes smaller and smaller which indicates that the 

anisotropy diminished and intensity ratio decreases. By comparing clay and silty clay, 

silty clay materials lose their anisotropy at lower confining pressure (600kPa) as 

compared to clay materials (1800kPa). Therefore, the grain sizes have a significant 

effect on the developing and diminishing of anisotropy. Another important fact observed 

was critical state index is decreasing and becomes constant as confining pressure 

increases. 

 

In the past, according to the results of laboratory experiments, it has been found that 

destabilization such as liquefaction phenomenon does not occur in clayey soil because 

clayey soil maintains relatively high rigidity and strength even after cyclic loading. It is 

common that the soil was in the state of "high water content", "high sensitivity", and 

"soft" where the earthquake damage occurred. The difference between a natural 

deposited sample and a reconstituted sample is considered to be the degree of 

development of "soil skeleton structure" that develops over a long period of deposition 

process over several tens of thousands of years. Therefore, the influence of the 

disturbance of soft clay due to cyclic loading is grasped from undrained triaxial 

compression tests and importance/implication of soil skeleton structure, it was observed 

that it can be understood that the degradation of structure and accumulation of over 

consolidation occur during the cyclic loading. 

 

It is difficult to prepare the number of homogeneous soft clay samples, due to the 
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problem of variability of quantities during sedimentation, disturbance during sampling 

and high expense of the boring surveys. Therefore, the influence on mechanical 

properties when hydration reaction controlled cement is added to clayey soil and also 

describe the results of examining the influence of calcium leaching on the mechanical 

properties of cemented cohesive soil. By using the remolded sample, focused on the 

cementation reaction, in order to artificially produce the soil sample having similar 

characteristics to those of naturally deposited soft clay. By doing so, while maintaining 

the reproducibility of the specimen, it might be possible to perform a large number of 

systematic experiments, and to conduct such model experiments as impossible in the 

past, in order to artificially produce the sample having similar characteristics to those of 

naturally deposited soft clay.  

 

As a result, the solidification effect was so strong that localized failure occurred in the 

soil specimen due to cracking followed by a sudden decrease of shear stress with no 

increase in excess pore water pressure. So, in terms of the necessity to reduce the 

solidification effect, a newly attempted method was introduced “addition of hydration 

reaction controlled cement” and “calcium leaching” to represent similar characteristics 

of soft clay material. It was concluded that the addition of cement makes it possible to 

reproduce the characteristics of naturally deposited soft clay to some extent, such as 

high sensitivity ratio and high compressibility ratio and by using pre-curing cement and 

stirring the mixture for a while, the solidification action of the hydrated product was 

destroyed and by controlling the hydration reaction, it showed ductile behavior. 

Moreover, by using calcium leaching smooth stress in shearing behavior-strain curve 

and softening behavior were achieved. 
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INTRODUCTION 

 

1.1 RESEARCH BACKGROUND 

Soft clays belong to the well-known category of problematic soils. Such soils are mainly 

encountered under layered deposits in coastal areas. The lack of bearing capacity, high 

compressibility and very long time of consolidation are three typical properties of soft 

clays. Several problems as related to soft clays exist from field investigation to their 

modelling behavior. 

 

Since the liquefaction damage to sandy soils has been noticed by the Niigata and the 

Alaska Earthquake in 1964 [1, 2], the earthquake damage prediction of the ground / soil 

structure has been mainly focused on the seismic instability of the sandy foundations. On 

the other hand, even if the clayey soil which has an N-value of zero or contains a large 

amount of sand / silt, as soon as it is classified as "clay", it has been often considered that 

earthquake damage does not occur and it has been virtually modeled as an elastic material 

in the past. However, in fact, it is not the case that earthquake damage has not really 

occurred on clayey foundations.  

 

Previously for dynamic problem the conventionally clay is safe but recently investigated 

results showed that clay foundation showed loss of rigidity and cause damages due to 

earthquake. If the past earthquake damage is examined carefully, although there are not 

many cases like liquefaction damage of sandy foundation, earthquake damage of clayey 

foundation can be also observed and statically soft clay foundation showed large 

settlement as the compressibility is large. Clay shows static and dynamic problems. A static 

problem includes; The Nagashima area, during the embankment construction, 

consolidation settlement was about 2 meters. In total, over 3 meters of consolidation 

settlement has existed for 40 years as shown in Figure 1.1 and soil profile in Figure 1.2. 
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Fig. 1.1 Nagashima bridge 

 

 

 

Fig. 1.2 Soil profile of Nagashima area 

 

It is known that the damage to the clayey foundation at the time of the Mexico City 

earthquake in 1985 caused tremendous human and structural damage in Mexico City far 

from the epicenter. Mexico City is located on the ground made by reclaiming of old 

Texcoco Lake, and soft volcanic ashy clay was deposited thickly. This soft clay lost its 

bearing capacity during the earthquake, causing overturning damage to structures [3, 4]. 

In addition to the structural damage during the earthquake, the settlement of the clay 

layer accelerated immediately after the earthquake, and continued for a long time [5]. 

 

Similar earthquake damage, thought to be caused mainly by clayey soil, has also been 

observed both in Japan and abroad. Long-term continuous settlement damage of the 

Niigata plain by the off the coast of Miyagi earthquake in 1978 [6], shown in Figure 1.3 
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and Chuetsu earthquake in 2007 [7], shown in Figure 1.4 and the settlement acceleration 

of Port Island by the 1995 Southern Hyogo Prefecture Earthquake [8]. Also, the soil 

sampling (disturbed and undisturbed samples) was done by 21 m borehole at the site 

due to the collapsed of Margalla Tower, Islamabad in 2005 Earthquake, Pakistan. The 

grain size distribution and the electric resistivity test results showed that the soil beneath 

the tower was mainly clayey and silty soil as shown in Figure 1.5. In recent years, 

collapse of soil structures in the Kathmandu Valley caused by the Nepal earthquake in 

2015, shown in Figure 1.6 and 1.7. Graben-like cracks in the Aso caldera caused by the 

Kumamoto earthquake in 2016 could be also considered to be earthquake damage of 

clayey material.  

 

  
      Fig.1.3 1978 Off the Coast Miyagi Prefecture earthquake  

 



  Chapter 1 
 

4 | P a g e  

 

 

Fig. 1.4 Modified figure of 2007 Chuetsu-oki earthquake (Isobe et.al) 

 

 

 

 

 

 

Fig. 1.5 Soil Classification by unified soil classification system (USCS) 

       (Collapsed of Margalla Tower, Islamabad in 2005 Earthquake, Pakistan) 
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Fig 1.6 2015 Nepal Earthquake 

 

 
Fig 1.7 Soft Lake deposits in Kathmandu valley 

(Softening of soft and sensitive clays/ (some of the black clayey soils “Kalimati”). 
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Naturally deposited clays/sands are mostly found in structured, and usually also in 

overconsolidated states. Furthermore, they exhibit what is more or less a condition of 

anisotropy. In remolded soil sample, the soil skeleton structure is disturbed but in naturally 

soil, the soil skeleton structure is developed. In order to deal with naturally deposited 

materials, it is very important to know about soil skeleton structure, especially structure and 

anisotropy shown in Figure 1.8 

 

Based on the SYS cam clay model, both clay and sand can be expressed using the soil 

skeletal structure concept, and the difference between them is described as the difference in 

how the soil skeleton structure changes per unit plastic deformation. In the case of loosely 

packed sand with a particularly high structure, the mean effective stress easily decreases to 

zero and liquefies because sand has a remarkably lowered structure. On the other hand, the 

clay has a slower structure lowering, so the average effective stress will not decrease to 

near zero, but consolidation will proceed over a long period of time with the dissipation of 

excess water pressure accumulated by repeated loading. In order to grasp the dynamic 

behavior of natural sedimentary ground, it is important to understand the concept of soil 

skeletal structure and its change (accompanying plastic deformation). The detailed 

explanation of soil skeleton structure is explained in Appendix A2. 

 

Naturally deposited soil possessed soil skeleton structure as shown below; 

 

 

 

 

 

 

 

Fig. 1.8 Schematic diagram of soil skeleton structure. 

 

1.2 RESEARCH OBJECTIVE 

The main aim for this research was to understand the work of soil skeleton structure 

especially for anisotropy and structure, and to know the mechanical properties of clay and 

the developing/diminishing of anisotropy. Natural deposited soil have highly developed 

structure as compared to remolded soil, so during deposition process, anisotropy is 

considered to be also highly developed. The knowledge of development/diminishing of 

anisotropy are very important, to understand the mechanical behavior of natural soil and 

Naturally deposited 

Structure Overconsoildation Anisotropy 
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the work of soil skeleton structure with ongoing plastic deformation are important.  

 

Another, important aim is to artificially produce the soil sample having similar 

characteristics to those of naturally deposited soft clay in the laboratory. Because, it is very 

important to grasp both static and dynamic mechanical properties of naturally deposited 

clayey materials and it can be achieve by carrying out various systematic experiments 

using the undisturbed soil samples. However, it is difficult to prepare a number of 

homogeneous soft clay samples, due to the problems of the variability of quantities during 

sedimentation, sampling disturbance and high expense of boring survey. Therefore, in this 

study, we focused on cementation reaction, to artificially produce the soil sample having 

similar characteristics to those of naturally deposited soft clay. 

 

1.3 OUTLINE OF THE THESIS 

The flow chart of the thesis is given in Figure 1.9. 

 

 

 

Fig. 1.9 Flow chart of thesis 

 

The structure of this thesis is given as follows: 

In the chapter 1, the research background, research objective and the outline of dissertation 

are discusses. 
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In the chapter 2, to understand the undrained cyclic shear behavior of clayey soil under a 

drastically changed loading rate are discussed. There are various types of external cyclic 

forces, such as earthquake motion, coastal waves, and traffic loads, which are actual 

problems. These all have different loading cycles from rapid loading to slow loading. Since 

the cyclic shear strength varies depending on the loading rate, it is important to conduct 

experiments using a suitable loading rate compared with the target problem. Since clay 

material has low permeability, there is a difference in excess pore water pressure migration 

depending on the loading rate. Especially when the loading rate is high, the pore water 

does not migrate sufficiently during cyclic loading and the excess pore water pressure 

distribution inside the specimen becomes non-uniform.  

 

In the chapter 3, importance of anisotropy are discussed. Soft/sensitive/high water content 

clay of undergoes large settlement during static as well as dynamic loading. Natural 

deposited soil have highly developed structure as compared to remolded soil, natural 

deposited soil have highly developed structure as compared to remolded soil, so during 

deposition process, anisotropy is also considered to be also highly developed. The 

knowledge of development/diminishing of anisotropy are very important, to understand the 

true behavior of naturally deposited soil and the work of soil skeleton structure with 

ongoing plastic deformation. For that purpose, triaxial tests were carried out using the 

vertical and the horizontal extraction specimen of the reconstituted clay and silty clay, for 

accumulating experimental facts of development of anisotropy during the preliminary 

consolidation process and the influence of the anisotropy on the shear behavior.  

 

In the chapter 4, the dynamic problems are focused and the influence of the disturbance of 

soft clay due to cyclic loading is grasped from undrained triaxial compression tests and 

importance/implication of soil skeleton structure is discussed. In the past, according to the 

results of laboratory experiments, it has been found that destabilization such as liquefaction 

phenomenon does not occur in clayey soil because clayey soil maintains relatively high 

rigidity and strength even after cyclic loading. It is common that the soil was in the state of 

"high water content", "high sensitivity", and "soft" where the earthquake damage occurred. 

The difference between a natural deposited sample and a reconstituted sample is 

considered to be the degree of development of "soil skeleton structure" that develops over 

a long period of deposition process over several tens of thousands of years.  

 

In the chapter 5, the influence on mechanical properties, when hydration reaction 

controlled cement is added to clayey soil and also describe the results of examining the 

influence of calcium leaching on the mechanical properties of cemented cohesive soil will 
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be discussed. By using the remolded sample, and the necessity to reduce the solidification 

effect, a newly attempted method was introduced “addition of hydration reaction controlled 

cement” and “calcium leaching”, in order to artificially produce the soil sample having 

similar characteristics to those of naturally deposited soft structure clay. Various tests were 

conducted to achieve the required results. 

 

In the chapter 6,the conclusions of this research study are sumerized and future work are 

reommended to improve the stduy. 
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UNDRAINED CYCLIC SHEAR BEHAVIOR OF CLAY UNDER 

DRASTICALLY CHANGED LOADING RATE 

 

2.1 INTRODUCTION 

There are various types of external cyclic forces, such as earthquake motion, coastal 

waves, and traffic loads, which are actual problems. These all have different loading 

cycles from rapid loading to slow loading. Since the cyclic shear strength varies 

depending on the loading rate, it is important to conduct experiments using a suitable 

loading rate compared with the target problem. In other words, it is important to treat as 

an initial boundary value problem. In the development of a constitutive equation, it is 

important to grasp the element characteristics of the material accurately. Therefore, it is 

important to obtain experimental results at the lowest possible loading rate so that the 

internal state of the specimen can be treated as homogeneous and uniform.  

 

If the past earthquake damage is examined carefully, although there are not many cases 

like liquefaction damage of sandy foundation, earthquake damage of clayey foundation 

can be also observed. During Mexico earthquake in 1985 soft clay lost its bearing 

capacity during the earthquake, causing overturning damage to structures [1, 2] and , the 

settlement of the clay layer accelerated immediately after the earthquake, and continued 

for a long time [3]. 

 

Laboratory tests on the dynamic properties of clayey soil have been conducted since 

earthquake damage of clayey foundation began to be noticed. In general, it is known 

that clayey soil shows a marked loading rate dependency in monotonic shear behavior 

due to its low permeability [7-11]. Also, in order to overcome such a problem as 

non-uniformity of pore water pressure distribution inside the specimen and to treat the 

experimental results as “element behavior,” it is common to apply load as slowly as 

possible for static loading test. Therefore, in order to investigate the undrained cyclic 

shear characteristics of clayey soil, it is necessary to evaluate the effect of loading rate 

in mind [12-17]. However, the range of the loading rate of the cyclic loading test that 

has been performed so far is narrower than that of the static loading test. Furthermore, 

many of the experiments so far have focused on the cyclic shear strength during cyclic 

loading, but few experiments have been conducted to observe in detail, the dissipation 

process of excess pore water pressure after cyclic loading that became non-uniform 

during cyclic loading. 

 

As a basic experiment of clayey material, the purpose of this section is to understand the 

undrained cyclic shear behavior of clayey soil under a drastically changed loading rate. 
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Since clay material has low permeability, there is a difference in excess pore water 

pressure migration depending on the loading rate. Especially when the loading rate is 

high, the pore water does not migrate sufficiently during cyclic loading and the excess 

pore water pressure distribution inside the specimen becomes non-uniform. Therefore, 

the specimen was left for a while in an undrained condition after cyclic loading, until 

the excess pore water pressure distribution inside the specimen became uniform. 

 

2.2 PHYSICAL PROPERTIES OF SAMPLE USED IN THE EXPERIMENT 

Over 90% is occupied by fine particles (silt / clay), and it is classified as “CL” (low 

liquid limit clayey soil) by Japanese classification of geomaterials [18]. The water 

content of the slurry-like sample, was adjusted to twice the liquid limit (w=90%), and 

the sample was thoroughly stirred and degassed. Then, it was placed in a 

pre-consolidation tank, and one-dimensional consolidation was performed at a vertical 

stress of 200kPa for one week to prepare a reconstituted sample. Figure 2.1 shows the 

grain size distribution and Table 2.1 shows the physical properties of the sample used in 

the experiment respectively.  

 

 
Fig.2.1 Grain size distribution 

 

2.3 MONOTONIC SHEAR BEHAVIOR WITH DIFFERENT LOADING RATE 

Monotonic drained and undrained triaxial compression tests under various constant 

axial strain rates were conducted. Confining pressure was set to 300kPa (back pressure 

200kPa, lateral pressure 500kPa) so that normal consolidated state could be achieved for 

all specimens. All the experimental results shown below had a B-value of 0.95 or higher 

and the specimen size was 35 mm to 80mm. Figure 2.2 shows the results of drained 

triaxial compression tests conducted at various loading rates, 0.002, 0.10, 0.130 and 

1.300 %/min from lower to faster loading respectively. The lower the axial strain rate, 

the greater the failure or maximum shear strength. In Case-[4], the loading rate of which 

was the highest, there was almost no volumetric change during shearing, even though 

the test was conducted under drainage conditions. As the loading rate became lower, 

volumetric change during shearing tended to occur. Therefore, the shear strength 
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粒度分析結果

藤森粘土（青）

Soil particle density ρs (g/cm
3
) 2.69 

Liquid limit wL (%) 45.8 

Plastic limit wp (%) 25.3 

Plasticity index Ip 20.5 

Table 2.1 Physical properties of the sample 
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increased as the loading rate decreased.  

 

       Fig. 2.2 Drained triaxial compression tests with different loading rate 

 

Figure 2.3 shows the results of undrained triaxial compression tests conducted at 

various loading rates. Contrary to drained shear behavior, a higher the axial strain rate 

correspond to a, greater failure or maximum shear strength. This is due to the migration 

of pore water. Because excess pore water pressure was generated non-uniformly inside 

the specimen along with shearing, a gradient occurred in the water pressure, and pore 

water migration occurred inside the specimen even though the total volume was 

constant [19]. If the loading rate is high and the excess pore water pressure distribution 

is more non-uniform, the water pressure gradient becomes larger, and pore water 

migration is likely to occur. However, in Case-[4], because the loading rate is high, 

there would be almost no migration of pore water, and the specific volume would 

remain in a uniform state.  
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Fig. 2.3 Undrained triaxial compression tests with different loading rate 

 

On the other hand, when the loading rate is low, pore water migration occurs, and thus 

the specific volume becomes non-uniform inside the specimen. Since the specific 

volume of the entire specimen did not change under undrained conditions, the shear 

strength became stronger when the specific volume was uniform. Furthermore, it can be 

seen that mean effective stress p’ increased in the effective stress path at the initial stage 

of loading as the axial strain rate increases. In particular, at the most rapid loading rate 

(Case-[4]), the effective stress path almost coincided with the total stress path (q/p’=3). 

If the axial strain rate was sufficiently low, the pore water pressure distributed 

uniformly. However, when the axial strain rate was high, the pore water pressure 

accumulated in the center of the specimen and was unlikely to occur at both ends. 

Because pore water pressure was measured at the lower end of the specimen, the pore 

water pressure could not be measured accurately or be measured smaller value when the 

axial strain rate is higher. As a result, p’ at the beginning of loading became larger. 
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Fig. 2.4 Shear strength with different drainage condition and loading rate 

 

Figure 2.4 shows a summary of the loading rate effect. The drained shear tests draw an 

inverted S-shaped curve, and the undrained shear tests draw an S-shaped curve, and the 

drained shear strength is greater than the undrained one. At a high loading rate of 1.0 × 

10
0 

%/min or higher, pore water migration does not occur, so the shear strength matches 

regardless of drainage conditions. However, if the loading rate is 1.0×10
-2 

%/min or less, 

pore water migration sufficiently occurs, and neither drained nor undrained shear 

strength changes any more. When the loading rate is between these values, the shear 

strength changes due to the partial drainage effect accompanying the migration of pore 

water. 

 

Nakano [11] focused on the experimental fact that the loading rate range in which 

drained and undrained shear strength changed were almost equal, and one of the causes 

of the loading rate effect was that the specimen was non-uniform due to the difference 

in pore water migration. Asaoka and Noda [20] found that mode-switching occurred due 

to the migration of excess pore water which resulted in the difference of drained and 

undrained shear strength through the numerical analyses. Thus, it has been shown both 

experimentally and numerically that the non-uniformity of excess pore water pressure 

distribution caused by differences in loading rates has a great influence on the shear 

strength. 

 

2.4 UNDRAINED CYCLIC SHEAR BEHAVIOR WITH DIFFERENT LOADING 

RATE 

Many experiments have been conducted to understand the dynamic properties of 

clayey soil. In order to understand the effect of loading rate on undrained cyclic shear 

behavior, undrained cyclic triaxial compression / extension tests were conducted under 

constant stress amplitude conditions. Confining pressure was set to 300kPa (back 
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pressure 200kPa, lateral pressure 500kPa) so that a normal consolidation state could be 

achieved. All the experimental results shown below had a B-value of 0.95 or higher. 

Stress amplitude was given by 120kPa (stress amplitude ratio = 0.4). Loading 

conditions are shown in Tables 2.2 and 2.3. Cases -A to E were performed by stress 

control with a sinusoidal waveform changing the loading rate from 1.0×10
0
 Hz to 

4.2×10
-4

 Hz. Case-F was carried out by strain control with a constant rate 

1.0×10
-2 

%/min, which is considered to be low enough that the pore water migration 

occurs sufficiently. In all cases, cyclic loading was stopped when DA (double 

amplitude) exceeded 5%. Then, the specimen was left for a while in an undrained 

condition after cyclic loading, until the value of pore water pressure (mean effective 

stress p’) converged. 

Table 2.2 Loading rate under stress control 

 

Case 
Loading rate 

Frequency (Hz) Period (s) 

A 1.0×10
0
  1 

B 1.0×10
-1

  10 

C 5.0×10
-2

  20 

D 1.7×10
-3

  600 

E 4.2×10
-4

  2400 

 

Table 2.3 Loading condition under strain control 

 

Case Loading rate (%/min) 

F 1.0×10
-2

 

 

2.4.1 Undrained Cyclic Shear Behavior 

First, shear behavior during cyclic loading is described. Experimental results 

(stress ~ strain curves and stress paths) are shown in Figures 2.5 to 2.10. Mean effective 

stress is calculated using the pore water pressure measured at the lower end of the 

specimen as a representative value.  

 

In Case-A, the loading rate of which is high (1.0×10
0
), the p’ hardly decreased (excess 

pore water pressure was hardly measured) during cyclic loading. Moreover, the 

effective stress path almost coincided with the total stress path (q/p’=3). As mentioned 

in section 2.3, excess pore water pressure measured at the lower end of the specimen 

decreased when the axial strain rate was high. Similar to the change of effective stress, 
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axial strain was also hardly generated at the initial stage of cyclic loading, but the strain 

progressed gradually as cyclic loading continued. In Case-B, the loading rate (1.0×10
-1

) 

of which is 10 times lower than Case-A, decrease of p’ became obvious compared with 

Case-A. Mean effective stress tended to decrease relatively early in the initial cyclic 

loading and eventually converged. Axial strain was also more likely to occur than in 

Case-A, but the tendency for strain to be small during the initial stage of loading and 

gradually increase was the same. It can be seen that as the loading rate decreased from 

Case-B to Case-E, the p’ decreased more with the cyclic loading and axial strain also 

tended to be generated at the same time. In Case-F, which loaded slowly (1.0×10
-2

) 

enough to cause sufficient pore water migration, showed the largest decrease of p’ at the 

initial loading stage compared with other conditions. Furthermore, axial strain also 

increased from the beginning of the loading. 

 

 

Fig. 2.5 Case-A (stress control with 1.0×10
0
 Hz) 

 

 

Fig. 2.6 Case-B (stress control with 1.0×10
-1

 Hz) 
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Fig. 2.7 Case-C (stress control with 5.0×10
-2

 Hz) 

 

 

Fig. 2.8 Case-D (stress control with 1.7×10
-3

 Hz) 

 

 

Fig. 2.9 Case-E (stress control with 4.2×10
-4

 Hz) 

 

Fig. 2.10 Case-F (strain control with 1.0×10
-2

 %/min 
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Figure 2.11 shows the relationship between the number of cycles and the progress of 

maximum / minimum axial strain. Axial strain was unlikely to occur at the beginning of 

cycles, but when the number of cycles increased to some extent, the axial strain 

progressed at an accelerated rate. In addition, the higher the loading rate, the more strain 

began to generate even if the number of cycle is small. The strain progress was more 

pronounced on the extension side than on compression side. This is due to the 

anisotropy effect which was developed during the pre-consolidation process. Because 

the pre-consolidation load was applied in the vertical direction, the specimen might be 

more resistant/stronger to compression side than the expansion side. 

 
Fig. 2.11 Progress of axial strain with increasing cycles 

Table 2.4 shows the number of cycle when DA reached 2% and 5%. As the loading rate 

became lower, the number of cycles that corresponds to DA=2% and 5% clearly 

decreased. Undrained cyclic shear strength is often evaluated by the number of cycles to 

reach a given DA. It can be seen that the undrained cyclic shear strength varied greatly 

depending on the loading rate, and that the cyclic shear strength decreased as the 

loading rate became lower. 

Table 2.4 Number of cycle until predetermined DA 

 

Case 
 Number of cycle 

DA=2% DA=5% 

 

 

 

 

 

 

 

 

 

 

A 14 19 

B 11 15 

C 9 12 

D 8 12 

E 7 11 

F 4 8 
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2.4.2 Excess Pore Water Pressure Uniformity Process after Cyclic Loading 

Next, uniformity process in excess pore water pressure after cyclic loading are 

examined. Figure 2.12 shows the relationship between the number of cycles and the 

excess pore water pressure (measured at the bottom end of the specimen). 

Fig. 2.12 Excess pore water pressure change with increasing cycles 
 

Case-A, which has the most rapid loading rate, generated small excess pore water 

pressure during cyclic loading. As the loading rate became lower, the excess pore 

pressure increased with ongoing cyclic loading. Figure 2.12 also shows the change in 

excess pore water pressure after stopping cyclic loading (denoted by filled circle marks), 

while maintaining the undrained condition. In Case-A, excess pore water pressure 

increased greatly after cyclic loading. The lower the cyclic loading rate, the less the 

excess pore water pressure rose after cyclic loading, and there was almost no change 

after Case-D. As mentioned in Chapter 3., when the cyclic loading rate was high, the 

excess pore water pressure distribution inside the specimen became non-uniform during 

shearing. The increase of excess pore water pressure was measured in the process of 

uniforming the excess pore water pressure distribution after cyclic loading. In all 

experimental results from Cases A to F, cyclic loading was stopped at DA=5%. 

Considering the uniformity process of the excess pore water pressure, the final value of 

excess pore water pressure seems to be the same in all cases or slightly larger if the 

loading rate is lower. This means that if sufficient time is left after cyclic loading, the 

final mean effective stress value becomes equal regardless of the loading rate. 
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2.5 COMPRESSION BEHAVIOR AFTER CYCLIC LOADING 

Excess pore water pressure accumulated by undrained cyclic loading will dissipate 

and show consolidation when the specimen is changed to a drained condition. Until now, 

attempts have been made to understand the compression behavior of clayey soil 

subjected to cyclic loading, and the relationship with the compression index or swelling 

index has been studied [13, 21-23]. Therefore, after the excess pore water pressure 

change ceased after cyclic loading, the drainage valve was opened while maintaining 

isotropic stress condition and the volume change of the specimen was measured.  

Table 2.5 shows the slopes of the compression lines obtained through the 

reconsolidation process. The slopes were calculated from two points: before and after 

opening the valve. Regardless of the cyclic loading rate, the values of the recompression 

gradient were the same, and the average value is 0.04.  

Table 2.5 Slopes of compression line obtained through reconsolidation process 

 

Case Recompression gradient 

A 0.043 

B 0.041 

C 0.034 

D 0.044 

E 0.040 

F 0.044 

 

 

Fig. 2.13 Standard consolidation test 
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Figure 2.13 shows experimental results from a standard consolidation test using 

reconstituted specimens. Compression index Cc and swelling index Cs obtained from 

the results were 0.590 and 0.020 respectively. The slopes of the compression line after 

cyclic loading was smaller than the compression index Cc and was equal to or slightly 

larger than the swelling index Cs. This means that the amount of compression after 

cyclic loading would be determined based on the swelling index. However, there might 

be a risk of underestimating the amount of compression unless the decrease in p’ due to 

uniformity  

 

2.6 DISCUSSION AND CONCLUSION 
This chapter shows the results of undrained cyclic triaxial compression/extension 

tests of reconstituted clay specimens with different loading rates, which were conducted 

as basic experiments for grasping the dynamic characteristics of clayey materials. The 

loading rate was changed drastically from 1.0Hz to 0.0042Hz by stress control, and 

0.01%/min by strain control which was considered to be low enough that pore water 

migration occurs sufficiently during shearing.Moreover, observation of the uniformity 

process of excess pore water pressure after cyclic loading, and a re-compression test 

after cyclic loading were also conducted. The following results were obtained from the 

experimental results. 

 

(1) The degree of strain evolution varied depending on the loading rate. Because undrained 

shear strength is often evaluated by the number of cycles to reach a given DA (double 

amplitude), this experimental fact indicates that the undrained shear strength also varies 

depending on the cyclic loading rate. The lower the loading rate is, the weaker the 

strength becomes. 

(2) In the triaxial test apparatus, mean effective stress p’ is calculated using the excess pore 

pressure measured at the lower end of the specimen as a representative value. When the 

cyclic loading rate is high, the pore water does not migrate sufficiently and the 

distribution of the excess pore water pressure inside the specimen becomes non-uniform 

(the measured value of the excess pore water pressure becomes small). Therefore, the 

(apparent) effective stress path varies depending on the loading rate. When the loading 

rate is high, the effective stress path hardly decreases during the cyclic loading. 

(3) During the uniformity process after cyclic loading, the measured value of excess pore 

water pressure at the end of the specimen increased (mean effective stress decrease). 

Higher the cyclic loading rates generated, greater excess pore water pressure. However, 

the final values of excess pore water pressure after the homogenization process was the 

same regardless of loading rate or slightly larger if the loading rate was lower. This 
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means that if sufficient time is left after cyclic loading, the final mean effective stress 

value becomes equal regardless of the loading rate. 

(4) Slopes of compression lines after cyclic loading were equal regardless of the cyclic 

loading rate and this value was smaller than the compression index Cc, and equal to or 

slightly larger than the swelling index Cs. This means that the amount of compression 

after cyclic loading would be determined based on the swelling index. However, there 

might be a risk of underestimating the amount of compression unless the decrease in p’ 

due to uniformity process of excess pore water pressure is taken into account. 

 

In this chapter reconstructed samples were used, but experiments using undisturbed 

samples from the naturally deposited condition will be discuess in chapter 4 to 

understand the effects of soil skeletal structure and its disturbance. 
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ANISOTROPY AND ITS EFFECT ON THE GRAIN SIZE 

 

3.1 INTRODUCTION 

In artificial/remolded sample, the soil skeleton structure is disturbed but in naturally 

soil, the soil skeleton structure is developed. In order to deal with naturally deposited 

materials, it is very important to know about soil skeleton structure, especially structure 

and anisotropy. In this chapter anisotropy will be discussed in detail.  

 

Anisotropy refers to the directional dependence of material properties. The anisotropy 

of clays and silty clay intimately connected with their structure, which depends on the 

environmental conditions during which the soil is deposited as well as the stress 

changes subsequent to deposition. Neglecting the anisotropy of soil behavior may lead 

to highly inaccurate predictions of soil response under loading. The knowledge of 

development/diminishing of anisotropy are very important, to understand the true 

behavior of naturally deposited soil.  

 

Soft/sensitive/high water content clay of undergoes large settlement during static as well 

as dynamic loading. Natural deposited soil have highly developed structure as compared 

to remolded soil, natural deposited soil have highly developed structure as compared to 

remolded soil, so during deposition process, anisotropy is considered to be also highly 

developed. Also, the large settlement occurred maybe due to anisotropy effect as they 

still remain even at high confining pressure particularly for clayey soil. So, in order to 

understand the mechanical behavior of natural soil and the work of soil skeleton 

structure with ongoing plastic deformation the knowledge of anisotropy are very 

essential. 

 

Many soil mechanics theories assume that the behavior of soils is isotropic to apply in 

geotechnical engineering problems. However, several natural soils behave as an 

anisotropic material and they have anisotropy imposed through the processes by which 

they were formed. Gravity influences soil formations and the vertical direction 

consequently retains importance with the variation of properties reflecting this vertical 

significance. It is well known that natural soils are often deposited in horizontal layers 

and then subjected to anisotropic stress leading to preferred orientation of the particles. 

As a consequence, most natural soil deposits possess an inherently anisotropic structure 

which causes variation in deformation-strength characteristics as the loading direction 

changes. 

 

Hoque et al. investigated the anisotropy in elastic deformation of granular materials by 
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measuring local strains in both vertical and horizontal direction with static cyclic 

loading as in Figure 3.1. He found that vertical Young’s modulus is greater than 

horizontal Young’s modulus at isotropic stress level [1]. Islam et al. investigated the 

strength anisotropy in both vertical and horizontal directions by trimming the specimens 

at different angles so as to obtain the test samples of different orientations, compared to 

the depositional direction and then subjected to unconfined compression tests and direct 

shear tests for both the horizontal and vertical planes from undisturbed clay masses. He 

concluded that the clay samples collected from different places and different depths 

showed different coefficients of anisotropy in different laboratory tests [2].  

 

 

 

 

 

 

 

 

 

 

Angle in Vertical Plane                        Angle in Horizontal Plane 

 

Fig. 3.1. Definition of the angle  in the vertical and horizontal plane (Hoque et al.) 

 

Similarly, Attom, M. F. et al, investigated experimentally the effect of anisotropy on the 

shear strength properties of clayey soil. Unconfined compression tests were conducted 

on all soil samples. It was found that the unconfined compressive strength values were 

greater in the vertical direction than in the inclined and horizontal directions, and 

increased as the over consolidated ratio increased. It was also noticed that the failure 

strain in the horizontal samples was smaller than in the vertical samples. The test results 

indicate that a correlation can be developed to determine the anisotropy factor based on 

depth and overconsoildation ratio. Anisotropy factor is defined as the ratio of the 

unconfined compressive strength in the inclined or horizontal direction to the 

unconfined compressive strength in the vertical direction. The anisotropic behavior of 

clayey soils almost disappeared at greater depth for both unconfined compressive 

strength and failure strain, which means that soil, will become somehow isotropic as [3], 

shown in Figure 3.2.  
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Fig.3.2. Effect of overconsoildation ration on anisotropy (Attom, M. F. et al) 

 

There have been some similar studies related to this research [4-9] and numerous 

experimental studies on the effects of anisotropy have been conducted focusing on the 

shear strength, however, there is not much to explain how the anisotropy develops or 

disappears with ongoing plastic deformation and it effect on shear behavior 

 

In this chapter, triaxial tests were carried out using the vertical and the horizontal 

extraction specimen of the reconstituted clay and silty clay, for accumulating 

experimental facts of development of anisotropy during the preliminary consolidation 

process and the influence of the anisotropy on the shear behavior. Pre-consolidation 

pressure of 200kPa applied to induced initial anisotropy. Undrained shear triaxial test 

was performed with different isotropic stresses on clay (50 to 1800kPa) and silty clay 

(50,300 and 600kPa), and undrained shearing was carried out under constant axial strain 

rate of 0.0056(mm/min) for clay was 2 days as the permeability of clay is very low and 

slow ,loading applied in order to get the uniform distribution of excess pore water 

pressure as explained in chapter 2 and 0.0112(mm/min) for silty clay 6hrs, as the 

permeability of silty clay is not as low as compared to clay. Moreover, the comparison 

of clayey and silty clay and how the grain size affects the development/diminishing of 

anisotropy are discussed. 

 

3.2 EXPERIMENTAL WORK 

Physical properties and grain size distribution of the clay and silty clay used in the 
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experiment are shown in Table 3.1 and Figure 3.3 respectively. After thorough stirring 

and degassing at a water content of 1.5 times the liquid limit, applied pre-consolidation 

pressure of 200kPa for one week for clay and two days for silty clay, because of the low 

permeability of clay. The sample was stir and degassed to destroy the structure of the 

specimen as in this chapter the focus is on Anisotropy. 

 

Table 3.1 Physical properties of soil. 

 

 

 

 

 

 

 

 

 

 

The method of extracting the sample from the preliminary consolidation tank is the 

following; specimen pulled out so that the axis was in the vertical direction is vertical 

specimen and the specimen extracted so that the axis is in the horizontal direction is 

horizontal specimen, shown below in schematic Figure 3.4.  

 

 
 

Fig. 3.4 Extracting vertical and horizontal specimen 

 

By extracting the reconstituted sample from different directions, samples with different 

initial anisotropy were prepared. Five types of isotropic stress of 50, 100,300,600 and 

1800kPa were applied on clay and three isotropic stresses of 50, 300 and 600kPa were 

applied on silty clay. Both the clay and silty clay were isotopically consolidated for 

24hrs.  

 

Description Clay Silty-clay 

 Liquid Limit w
L
(%) 81.4 45.82 

Plastic Limit w
p 
(%) 43.7 25.37 

Plasticity index I
p
 37.7 20.44 

Gs(g/cm3) 2.65 2.65 

 

Fig.3.3 Grain size distributions 
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The saturation (B-Values) of each samples were confirmed to be 0.96 or higher. After 

isotropic consolidation and undrained shearing was carried out under constant axial 

strain of 0.0056(mm/min) for clay (2days) and 0.0112(mm/min) for silty clay 

(6hrs.).These axial strain rate were considered to be slow enough to maintain element 

behavior (the distribution of excess pore water pressure inside the specimen is uniform) 

during shearing and the equipment used for experiment was triaxial equipment, shown 

in Figure 3.5. Detailed explanation of the triaxial equipment and procedure to do the 

experiment is explained in Appendix 1. 

 

    

 

Fig.3.5 Triaxial equipment 

 

3.2.1 Development/Diminishing of Anisotropy in Clay 

The stress-strain relationship and effective stress path of vertical and horizontal 

specimen with different confining pressures of clay, 50 to 1800kPa are shown in 

Figures 3.6 to 3.10 respectively. Isotropic stresses of 50kPa and 100kPa are considered 

to be in fully remolded and overconsolidated conditions because the pre-consolidation 

pressure was 200kPa and, the isotropic stresses of 300kPa and above are considered to 

be in fully remolded and normal consolidated condition.       

     

In all specimens, the effective stress is constant when the axial strain reaches 20%, 

because the strain applied was so slow to achieve the uniform distribution of excess 

pore water pressure inside the specimen, so it is considered that the specimen reached a 

critical state. In the case of the normal consolidated condition, the effective stress path 

exhibits typical behavior with an increasing of q with decreasing of p'. 
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 Fig. 3.6 Confining pressure 50kPa (clay) 

 

    

Fig. 3.7 Confining pressure 100kPa (clay) 
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Fig. 3.8 Confining pressure 300kPa (clay) 

 

 

Fig. 3.9 Confining pressure 600kPa (clay) 
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Fig. 3.10 Confining pressure 1800kPa (clay) 

 

Figure 3.11 summarizes the difference of shear strength in vertical and horizontal 

direction at the time of axial strain was 5% and 10% of axial strain (almost critical state). 

By comparing the shear/peak strength of samples of clay, it was observed that vertical 

sample shows larger peak strength as compared to horizontal because of the 

development of anisotropy on the compression side. As the confining pressure increases, 

the difference becomes smaller and smaller which indicate that the anisotropy 

disappears/diminished and intensity ratio decreases.  

 

 
Fig. 3.11 Difference in vertical and horizontal shear strength of clay 
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However, even at 300, 600, and 1800kPa, the same degree of strength difference 

remains. So it was found that even if we have applied high isotropic consolidation 

pressure, anisotropy was not completely diminished. Figure 3.12 summarizes the clayey 

samples that the critical state index (slope of critical state line) is changing with 

increasing confining pressure. Also it was observed that, critical state index is 

decreasing and become constant as confining pressure increases. 

 

 

Fig. 3.12 Difference in critical state index of clay 

 

3.2.2 Development/Diminishing of Anisotropy in Silty Clay 

The stress-strain relationship and effective stress path of vertical and horizontal 

specimen with different confining pressures of silty clay at 50 to 600 kPa are shown in 

Figures 3.13 to 3.15 respectively.  Isotropic stress of 50kPa is considered to be in fully 

remolded and overconsolidated condition. The isotropic stresses of 300kPa and 600kPa 

are considered to be in remolded and normal consolidated condition. In the case of silty 

clay specimens, unlikely clay specimens, q continues to increase even when the axial 

strain reaches 20%. Moreover, the effective stress path of the normal consolidated 

condition turns to an increase of q with increasing of p' after increasing of q with 

decreasing of p'.  

0 300 600 900 1200 1500 1800
1

1.2

1.4

1.6

1.8

Mean effective stress (kPa)

S
tr

es
s 

ra
ti

o
 a

t 
cr

it
ic

al
 s

ta
te

Clay



  Chapter 3 

 

33 | P a g e  

 

 
        Fig. 3.13 Confining pressure 50kPa (silty clay) 

 

      
          Fig. 3.14 Confining pressure 300kPa (silty clay) 
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          Fig. 3.15 Confining pressure 600kPa (silty clay) 

Fig 3.16 summarizes the difference of shear strength in vertical and horizontal direction 

at the time of axial strain was 5% and 10%. By comparing the shear/peak strength of 

samples of silty clay, it was observed that vertical sample shows larger peak strength as 

compared to horizontal because of the development of anisotropy on the compression 

side. As the confining pressure increases, the difference becomes smaller and smaller 

which indicate that the anisotropy disappears/diminished and intensity ratio decreases. 

Moreover, the anisotropy almost diminished at confining pressure of 600kPa. Compared 

with the clay specimen in Fig.3.11, it can understand that anisotropy disappears with 

small isotropic pressure.  

 
Fig. 3.16 Difference in vertical and horizontal shear strength of silty clay 
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The silty clay samples, the critical state index are changing with increasing confining 

pressure same as in clayey specimen is summarizes in Figure 3.17. 

 

 

Fig. 3.17 Difference in critical state index of silty clay 

 

3.3 COMPARISON OF CLAY AND SILTY CLAY 

The clay and silty clay samples, difference in vertical and horizontal shear strength 

at 5% of axial strain are summarize in Figure 3.18. Values were taken at 5% because, in 

case of silty clay sample, localized failure (sudden decrease and discontinuous curve in 

stress-strain relationship) can be observed after 5% of axial strain, especially within 

high confining pressure and therefore, it is difficult to recognize as element behavior 

furthermore. 

 

 

Fig. 3.18 Difference in vertical and horizontal shear strength 
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As indicated above, both vertical samples shows larger peak strength as compared to 

horizontal because of the development of anisotropy on the compression side. As the 

confining pressure increases, the difference becomes smaller and smaller which indicate 

that the anisotropy disappears/diminished and intensity ratio decreases. It was found 

that even if we have applied high isotropic consolidation pressure, anisotropy was not 

completely diminished specially in case of clay soil but in case of silty clay they lose 

their anisotropy at rapid rate as compared to clayey materials, at confining pressure of 

600kPa. So, it is concluded that the grain size has significant effect on the diminishing 

of anisotropy, and silty material shows rapid change in anisotropy compared with clay 

material. 

 

Figure 3.19 summarizes the clay and silty clay samples changing of critical state index 

with increasing confining pressure. Comparing clay and silty clay, critical state index is 

larger for clay material because of strong anisotropy effect. Another important fact 

observed that, critical state index is changing with different confining pressure. The 

critical state index decreases as the anisotropy disappear with an ongoing increase of 

isotropic pressure. 

 

 

     Fig.3.19 Difference in critical state index 

 

To describe the effect of anisotropy in the numerical simulation, the rotational hardening 

concept [10] was often used. However, when introducing the rotational hardening 

concept directly to the original Cam clay model that is so-called as the Sekiguchi-Ohta 

model [11], the critical state index did not change even if the anisotropy develops and 

0 300 600 900 1200 1500 1800
1

1.2

1.4

1.6

1.8

Mean effective stress (kPa)

S
tr

es
s 

ra
ti

o
 a

t 
cr

it
ic

al
 s

ta
te

Clay
Silty Clay



  Chapter 3 

 

37 | P a g e  

 

disappears. On the other hand, when introducing the rotational hardening concept to the 

modified Cam clay model, critical state index changes according to the plastic 

deformation. Figures 3.20 and 3.21 show the change of yield surface and critical state 

line in q~ p' plane of Sekiguchi-Ohta model and modified Cam clay model with 

rotational hardening [12] during undrained shearing respectively. The soil is in the 

normal consolidated condition, considering only the development of anisotropy.  

 

In the Sekiguchi-Ohta model, the critical state line does not change when anisotropy 

develops, whereas, in the Modified Cam-clay model, critical state line changes (critical 

state index increases) as the anisotropy develops. Furthermore, in the case of the 

Modified Cam Clay model, the phenomenon of increasing q accompanied by an 

increase in  p' in the effective stress path can be reproduced due to the effect of 

rotational hardening. From this viewpoint, modified Cam clay model can considered to 

be more suitable to use as compared to the original Cam clay model in order to 

represent the work of anisotropy. 

 

 

 

Fig. 3.20 Sekiguchi-Ohta model 
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  Fig.18 Modified Cam-clay model with rotational hardening 

3.4. CONCLUSION 

In this chapter from a series of experimental results, it is concluded that anisotropy 

developed in the preliminary consolidation process, and anisotropy disappears due to 

isotropic consolidation. Nevertheless, it does not completely disappear even under high 

confining pressure i.e. 1800kPa, especially in case of clay. However, if we compare clay 

and silty clay soil, silty clay materials lose their anisotropy at lower confining pressure 

i.e. 600kPa, as compared to clay materials. Therefore, the grain sizes have significant 

effect on the developing and diminishing of anisotropy.  

 

Another important fact observed was that critical state index (slope of critical state line) 

is decreasing and become constant as confining pressure increases. Moreover, modified 

Cam clay model can considered being more suitable to use as compared to the original 

Cam clay model in order to represent the work of anisotropy. 

 

Further experiment will be performed to observe the effect of cyclic shear test to 

evaluate the development/diminishing of anisotropy. Moreover, based on experimental 

facts, we will validate the constitutive model and add some improvement if necessary. 
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INFLUENCE OF SOIL DISTURBANCE DUE TO CYCLIC LOADING 

ON UNDRAINED SHEAR BEHAVIOR OF SOFT CLAY BASED ON 

SOIL SKELETON STRUCTURE CONCEPT 

 

4.1 INTRODUCTION 

Modern large cities are frequently exposed to natural and man-made risks which 

affect many aspects of urban development. Political, social, economic, geographical, 

morphological, geological conditions and others determine the way in which hazards 

can be faced in practice, and authorities will generally seek means for eliminating or 

mitigating these risks and their effects. These conditions combine in various ways to 

preclude or limit the effectiveness of public policies for hazard management. 

 

In a volcanic ash-like viscous land plate with high water content ratio, high plasticity 

(wn = 300-400%), horizontal movement of intense structure destroys the ground and the 

structure that the support capacity has been lost collapses over a wide area. In the 

viscous land board which did not lead to destruction and large deformation at the time 

of the earthquake, the settlement continued for a long period immediately after the 

earthquake and thereafter. 

 

If past earthquake damage is examined carefully, although there are not many cases of 

liquefaction damage to sandy foundation, earthquake damage to clayey foundation is 

reported. Figure 4.1 shows an apartment building in Mexico City that was destroyed in 

the 1985 Mexico earthquake [1, 2]. Mexico City is located in a basin, on land where 

Lake Tescoco was reclaimed, and its soil profile is composed of extremely soft volcanic 

ash-like clay. This area was famous for its massive earthquake damage, despite its 

distance of 300 km from the epicenter. It is said that soft clayey soil was severely 

disturbed by the earthquake motion which was amplified and accumulated in the basin. 

In soft clayey foundations, not only instabilities during earthquakes but also large 

deformations after earthquakes might occur. Figure 4.2 shows the relationship between 

the amount of land subsidence and time observed in the Mexico basin during the 1957 

Mexico earthquake [3]. Land subsidence, which was once approaching convergence, 

showed a surge and acceleration during the earthquake. It has been confirmed by the 

investigation that this settlement occurs in highly plastic volcanic ash clay with 

extremely high water content. Earthquake damage, which is thought to be caused 

mainly by clayey soil, has also been observed both in Japan and abroad. Examples 

include the long-term continuous subsidence damage of the Niigata plain from the 

earthquake off the coast of Miyagi earthquake in 1978 and Chuetus earthquake in 2007, 

settlement acceleration of Port Island from the Great Hanshin earthquake in 1995, 
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collapse of soil structures on the Kathmandu Valley from the 2015 Nepal earthquake, 

and Graben-like cracks in the Aso caldera from the 2016 Kumamoto earthquake. On 

September 19, 2017, earthquake (M
w
=7.1), earthquake occurred exactly 32 years after 

the 1985 Michoacan Earthquake that hit the Pacific Coast of Mexico City. 

 

Strangely, many of the buildings that survived in 1985 succumbed to the tremors from 

the magnitude 7.1 in 2017 earthquake. That’s because the two earthquakes produced 

different kinds of shaking. In 1985, the damage concentrated in the central part, while 

the southern part did not exhibit significant losses. In overall, it was observed that 

buildings that collapsed in 1985 had longer natural periods than those that collapsed this 

time. Most of the structural damage concentrated in zones II (Sandy and silty layers) 

and III (soft soils), where the previous 1985 Earthquake have also caused numerous 

collapses and the pattern of damage is similar to that experienced in 1985. Soil profile 

of Mexico City (east-west cross section) is shown in Figure 4.2. 

 

 

 

 

Fig. 4.1 Overturn damage of upper structures due to decreased bearing capacity of clayey foundation 
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Fig. 4.2 Soil profile in Mexico City (east-west cross section) 

 

 
Fig. 4.3 Effect of an earthquake on the settlement of a building (Leonardo Zeevaert, 1972) 

 

A case history is shown in Figure 4.3 for a heavy building placed on an 

undercompensated foundation, from which it is observed that the building, after being 

practically stabilized, started to settle strongly after the earthquake. 
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The investigation of this case demonstrated that the static shear stresses added to the 

dynamic shears induced during the earthquake of July 1957 reached the ultimate shear 

strength of the silty clay deposit; therefore, partial damage took place in the soil 

skeleton structure, giving as a result an increase in the compressibility of the, material 

that produced the consolidation phenomenon observed. Finally, it is important to 

mention that the value of the shear modulus of elasticity should be determined, as 

accurately as possible, in good undisturbed soil samples.  

 

However, earthquake damage does not occur in every clayey foundation. It is common 

that the soil was in the state of "high water content", "high sensitivity", and "soft" where 

the earthquake damage occurred. In the past, according to the results of laboratory 

experiments, it has been found that destabilization such as liquefaction phenomenon 

does not occur in clayey soil because clayey soil maintains relatively high rigidity and 

strength even after cyclic loading. However, it is considered that the soil sample used in 

these experiments is not an undisturbed sample collected while maintaining the 

naturally deposited condition, but an artificial sample in which the once disturbed soil is 

reconstituted. The difference between a natural deposited sample and a reconstituted 

sample is considered to be the degree of development of "soil skeleton structure" that 

develops over a long period of deposition process over several tens of thousands of 

years. Therefore, in this chapter, the influence of the disturbance of soft clay due to 

cyclic loading is grasped from undrained triaxial compression tests and 

importance/implication of soil skeleton structure is discussed. 

 

4.2 SOIL SAMPLE USED IN THE EXPERIMENT AND ITS MONOTONIC MECHANICAL 

BEHAVIOR 

   The clay sample used in this study is alluvial clayey soil deposited in Anpachi, Gifu 

in Japan and the cross-sectional view of the site is shown in Figure 4.4. There is a sand 

layer As1 at a depth of 5m to 15m, but the clay layer is dominant to the deep part. The 

clay layers can be divided into four layers from Ac1 to Ac4, but each layer has a small 

N-value and is in a soft condition. The average N-value of each layer is shown in Table 

4.1. One of the important characteristics is that even in deep Ac4 where the overburden 

pressure is large, averaged N-value is as small as 1. Therefore, in this study, the Ac4 

(Figure 4.4) was used as an experiment target and thin-wall sampling was conducted so 

as to disturb the sample as little as possible. 
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Fig. 4.4 Cross-sectional view of the sampling point 

 

Table 4.1 Averaged N-value of each layer 

 Depth Averaged N-value 

Ac1 0m – 5m 1 

Ac2 15m – 18m 4 

Ac3 18m – 20m 3 

Ac4 20m – 32m 1 

 

4.2.1 Physical property 

The grain size distribution and a list of physical properties of the clayey sample 

are shown in Figure 4.5 and Table 4.2 respectively. The fines content is almost 100%, 

and the clay and silt contents are almost equal. The table shows that the liquid index IL 

exceeds 1.0. The liquid index is expressed by equation 4.1 and is an index that indicates 

the relative hardness of the sample within a condition of natural water content wn. When 

IL exceeds 1.0, it indicates that the soil is in a liquid condition, and it can be seen that 

this clayey soil was deposited at high water content and in a very soft condition. 

n p
L

L p

w w
I

w w





      (4.1) 

wn: natural water content 

wL: liquid limit (water content ratio at which soil moves from a plastic state to liquid 

state) 

wp: plastic limit (water content ratio at which soil moves from semi-solid state to plastic 
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state) 

 

 
Fig. 4.5 Grain size distribution 

 

Table 4.2 Physical properties 

Soil particle density ρs (g/cm
3
) 2.69 

Liquid limit wL (%) 54.0 

Plastic limit wp (%) 25.8 

Plasticity index Ip 28.2 

Natural water content wn (%) 54.4 

Liquid index IL 1.01 

 

4.2.2 Compression behavior  

The experimental results of standard consolidation tests using an undisturbed 

sample and a remolded sample are shown in Figure 4.6. The remolded sample was 

prepared by repeatedly squashing the undisturbed sample. The remolded sample is in 

the normally consolidated state from the initial loading stage, and the normal 

consolidation line can be obtained. On the other hand, since undisturbed samples are 

unloaded during sampling, they are initially in the overconsolidated state. When vertical 

stress is less than the overburden pressure (170kPa), compressibility is small. However, 

when vertical stress exceeds overburden pressure and the sample reaches a normal 

consolidation state, compressibility becomes large. The compression line of the 

undisturbed sample shows bulky behavior outside the normal consolidation line in the 

normally consolidated state, and gradually approaches the normally consolidation line 

as the vertical stress increases. The degree of bulkiness is quantitatively defined as 

structure [4, 5]. From the experimental results, it can be seen that the undisturbed 

sample, which had a large structure at the beginning, loses its structure with the increase 

of vertical stress and approaches the normally consolidated state. The characteristics of 
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the soft clayey soils are 1) bulky behavior outside of the normal consolidation line, and 

2) larger compressibility compared to remolded samples. 

 

 
Fig. 4.6 Standard consolidation test 

 

4.2.3 Monotonic undrained shear behavior 

The experimental results of undrained triaxial compression tests using 

undisturbed samples and the initial condition of each sample are shown in Figure 4.7 

and Table 4.3 respectively. Confining pressure was implemented in four ways, 45kPa, 

100kPa, 170kPa, and 400kPa, with the overburden pressure (170kPa) of the sample in 

the middle. After isotropic consolidation for 24 hours, undrained shearing was carried 

out under constant axial strain rate of 0.007 mm/min. This axial strain rate was 

considered to be slow enough to maintain element behavior (the distribution of excess 

pore water pressure inside the specimen is uniform) during shearing. From the initial 

specific volume, it can be seen that although there is some variation, it is about 3.0 and 

the density is low. Deviator stress q – axial strain εa relationship shows that q decreases 

smoothly after reaching a peak in all tests. q – mean effective stress p’ relationship 

indicate that the low confining pressure (A-1: 45kPa) specimen in the overconsolidated 

state shows "rewinding behavior" such as an increase of q with a decrease of p' to an 

increase of q with an increase of p' and then a decrease of q with a decrease of p'. On 

the other hand, specimens in the slightly overconsolidated state (A-2: 100kPa, A-3: 

170kPa) and normally consolidated state (A-4: 400kPa) show "sorrow behavior" such as 

decrease of q with a decrease of p’ after the increase of q with a decrease of p’. In 

addition, when the undisturbed sample shows softening (decrease of q), the excess pore 
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water pressure uw rises smoothly (generation of positive excess pore water pressure) in 

any sample. Such strain softening behavior is caused by the fact that the highly 

developed structure is lowered by the loading, which is a typical feature of the naturally 

deposited soft clay. 

 

Fig. 4.7 Undrained triaxial compression tests 

 

Table 4.3 Initial condition 

Test name 
Confining pressure 

 (kPa) 

Specific volume 

before consolidation 

Specific volume after 

consolidation 

A-1 45   

A-2 100 3.05 2.99 

A-3 170 3.01 2.97 

A-4 400 2.99 2.50 

 

4.3 UNDRAINED SHEAR BEHAVIOR OF SOFT CLAYEY SOIL SUBJECTED 

TO CYCLIC LOADING 

4.3.1 Test procedure 

In this section, “disturbance” is given to a soft clayey specimen by cyclic shear 

using a triaxial apparatus. After that, the monotonic undrained shear test is carried out to 

understand the influence of cyclic loading history on the mechanical behavior of soft 
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clay. The clay sample used in this experiment is the same as the previous section 4.2. 

Generally, in the laboratory testing, cyclic loading is provided by stress control, but in 

the case of stress control, axial strain develops with cyclic loading and necking failure 

of the specimen occurs. And, it is not possible to apply multiple cyclic loading while 

maintaining the element property. Therefore, in this study, by applying cyclic loading 

with strain control, it was possible to give multiple cyclic loading without causing 

localized deformation of the specimen. Undrained cyclic shear behavior of clayey soil 

under stress and strain control are shown in Figures 4.8 and 4.9 respectively.  

 

Both results indicate a decrease of p’ and rigidity with the number of cycles. But it is 

obvious that in case of stress control, axial strain gradually develops at the extension 

side and eventually reaches failure. On the other hand, in case of strain control, the 

specimen can gradually lose its mean effective stress and rigidity without the 

development of axial strain. Specific experimental procedures are shown below. 

 

1) Isotropic consolidation was performed at 170kPa which is almost equal to 

overburden pressure for 1 day. 

 

2) Undrained cyclic compression/extension shear test with axial strain control was 

performed with its half amplitude of 1.0%. The loading rate is 14.4mm/min.  

 

3) Cyclic loading was stopped at a certain number of cyclic loading and the specimens 

were left for a 4 hours while under undrained conditions, so the excess pore water 

pressure inside the specimen would become uniform. 

 

4) After sufficient time, monotonic undrained shearing was carried out at a constant 

strain rate of 0.007mm/min. 

 

Fig. 4.8 Cyclic loading by stress control 
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Fig. 4.9 Cyclic loading by strain control 

 

4.3.2 Monotonic undrained shear behavior with cyclic loading history 

The experimental results of undrained triaxial compression tests with cyclic 

loading history and the initial condition of each sample are shown in Figure 4.10 and 

Table 4.4. After isotropic consolidation at a confining pressure of 170 kPa, the 

undrained cyclic shear history was given by the method explained in 4.3.1. The test 

results for A-3 has no cyclic loading history (same as the result shown in Figure 4.7), 

B-2 is 100 cyclic loading history, and B-1 is 6500 cyclic loading history. The mean 

effective stress after cyclic loading is 100 kPa for B-2 and 45 kPa for B-1. The p’ for 

B-1 and B-2 specimen is different because the cyclic loading was stopped at B-2 and 

then applied again for B-2 specimen. The pore water pressure in the specimen is not 

sufficiently migrated during cyclic loading, and the pore water pressure distribution 

may be uneven. Therefore, after giving a cyclic loading history, the cock was left to 

stand until no change in pore water pressure occurred. After a sufficient time (4 hours), 

the undrained shear test was conducted at a constant axial strain rate of 0.007 mm/min. 

The experimental results without cyclic loading are listed again in Figure 4.10 for easy 

comparison.  

 

The comparison of the difference between the cyclic loading shows that the stiffness at 

the initial stage of shearing decreases as the cyclic loading history increases. This is 

because, as apparent from Figure 4.9, the stiffness is lowered by the cyclic shear 

history. It is also clear that the peak strength decreases with the increase of cyclic 

history, and the degree of strain softening also decreases. The soil sample used in this 

study is not "remolded clay" but "naturally deposited clay with highly developed soil 

skeleton structure". It is thought that this soil skeleton structure was "disturbed" by 

cyclic loading and the undrained shear strength decreased.  
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Fig. 4.10 Undrained shear behavior with cyclic loading history 

    

Fig. 4.11 Undrained shear behavior without cyclic loading history 
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Table 4.4 Initial condition 

Test name 

 

Loading 

Confining 

pressure 

 (kPa) 

Specific volume 

before 

consolidation 

Specific volume 

after consolidation 

B-1 Cyclic 45 3.12 3.01 

B-2 Cyclic  100 3.14 3.01 

A-3 Isotropic  170 3.01 2.97 

 

The results of A-1 with no cyclic loading history and B-1 with cyclic loading history 

are shown in Figure 4.12. Initial mean effective stress and specific volume are almost 

equal. As it is clear when the two are put together that the cyclic loading history makes 

(1) the initial stiffness smaller, (2) the undrained shear strength decreases, and (3) the 

degree of strain softening decreases. The rigidity of B-1 is lower than the A-1 but the 

residual strength of B-1 is still higher and they don’t converge on same point, the 

reason might be because of not same void ratio and condition of the preparation of the 

specimen, as A-1 is under isotropic condition but B-1 is under cyclic loading history. 

 

 

Fig. 4.12 Comparison of the cyclic loading history 
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4.4 DESCRIPTION OF SOIL DISTURBANCE ASSOCIATED WITH CYCLIC 

LOADING BASED ON THE SOIL SKELETON STRUCTURE CONCEPT 

To date, the authors of this paper have been developing an elasto-plastic 

constitutive model namely super/subloading Yield Surface Cam-clay model with 

rotational hardening, abbreviated as SYS Cam-clay model [4-6], which describes the 

soil skeleton structure of the soil in three terms, "structure," "overconsolidation," and 

"anisotropy," and describes the development of the soil skeleton structure with ongoing 

plastic deformation progress. The SYS Cam-clay model makes it possible to describe 

the mechanical behavior of natural deposited soil by introducing the soil skeleton 

structure concept. In addition, the mechanical behavior of soil, from typical clay to sand, 

can be expressed in a unified manner using a single model taking into account the 

difference in the development rate of the soil skeleton structure. Here, the experimental 

results obtained in section 4.3, are reproduced using the SYS Cam-clay model, focusing 

on the function of the structure among the soil skeleton structures. The mechanical 

behavior of sensitive soft clay under cyclic loading is explained based on the soil 

skeleton structure concept. 

 

4.4.1 Determination of the material constants 

Material constants are determined by reproducing the static behavior of clay 

using SYS Cam-clay model. Several experiments have been conducted as shown in 

4.2.2 and 4.2.3, but it is assumed that the degree of soil skeleton structure is the same at 

the time of sampling because all of them are close in sampling point and sampling depth. 

Therefore, it was assumed that p' = 10kPa, which corresponds to the time of sample 

removal from the sampler, was the common initial stress state. From this point, 1) 

standard consolidation test and 2) undrained shear under arbitrary isotropic 

consolidation pressure was performed to reproduce the experimental results. The 

material constants and initial values are shown in Table 4.5, and the reproduction results 

of the standard consolidation test and the undrained triaxial compression test are shown 

in Figures 4.13 and 4.14. Although the undrained shear strength under a confining 

pressure of 400kPa appears larger, it can be said that the calculation results can be well 

reproduced from one set of material constants and initial values from compression 

behavior to shear behavior. 
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Fig. 4.13 Calculation result of standard consolidation  

 

 

       Fig. 4.14 Calculation result of undrained shear tests 
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Table 4.5 Material constant and initial conditions 

Elasto-plastic parameter  

  Compression index λ 0.20 

  Swelling index κ 0.04 

  Critical state index M 1.70 

  Intercept of NCL N 2.50 

  Poisson’s ratio ν 0.10 

Evolutional parameter  

  Degradation parameter of structure a(b=c=1.0) 0.55 

  Degradation parameter of structure cs 0.2 

  Degradation parameter of overconsolidation m 30.0 

  Evolution parameter of β 0.0 

  Limit of rotation mb 0.0 

Initial condition  

  Specific volume v0 3.05 

  Mean effective stress p’0 10.0 

  Stress ratio η0 0.0 

  Degree of structure 1/R
*
0 32.3 

  Degree of overconsolidation 1/R0 18.0 

  Degree of anisotropy ζ0 0.0 

 

4.4.2 Reproduction of undrained shear behavior without cyclic history 

The reproduction results of the undrained triaxial compression tests without 

cyclic loading history where the confining pressure is less than 170kPa (Except from 

Figure 4.14) are shown in Figure 4.15. If the specific volume is equal, the experimental 

fact that "the undrained shear peak strength is equal regardless of the confining 

pressure" can be reproduced well. Table 4.6 shows the initial values after isotropic 

consolidation at each confining pressure. Before isotropic consolidation (p' = 10 kPa) is 

common, but the degree of structure changes with the difference in the isotropic 

consolidation process. From the table 4.6, as the confining pressure increases, the 

degree of overconsolidation decreases and approaches the normally consolidated state, 

but the degree of structure hardly changes. The structure is expressed as "bulk" against 

the compression line of the remolded sample, but it has the characteristic that it is 

difficult to decay by isotropic stress.  



  Chapter 4 

 

55 | P a g e  

 

 

     Fig. 4.15 Calculation result of undrained shear tests without cyclic loading history 

 

Table 4.6 Initial values after isotropic consolidation 

 A-1S A-2S A-3S 

Specific volume v0 2.99 2.96 2.93 

Mean effective stress p’0 45.0 100.0 170.0 

Stress ratio η0 0.0 0.0 0.0 

Degree of structure 1/R
*
0 32.2 31.9 31.1 

Degree of overconsolidation 1/R0 4.00 1.81 1.15 

Degree of anisotropy ζ0 0.0 0.0 0.0 

 

4.4.3 Reproduction of undrained shear behavior with a cyclic history  

       The calculation results of undrained cyclic shear with strain control are shown in 

Figure 4.16. The stiffness decreases as the cyclic history increases, and the behavior in 

which the effective stress decreases can be reproduced. Here, when focusing on the 

degree of the structure and the degree of overconsolidation, it can be seen that the 

degree of the structure decreases and the degree of overconsolidation increases as the 

cyclic loading history increases. In other words, it can be understood that the 

degradation of structure and accumulation of overconsolidation occur during the cyclic 

loading. 

 

The calculation results of monotonic undrained shear behavior stopping the cyclic 
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loading after an arbitrary number of cyclic loading are shown in Figure 4.17. The 

experimental fact that "the undrained shear peak strength is reduced by the cyclic 

history" can be reproduced. Table 4.7 shows the initial values before undrained shear at 

each confining pressure. The degree of overconsolidation and the structure both 

decrease as the cyclic loading history increases (as the mean effective stress decrease 

because pore water pressure increases). The structure was not degraded by isotropic 

compression, but the structure was significantly degraded by cyclic shear. Therefore, it 

is clear that the decrease in undrained shear peak strength due to the number of cyclic 

loading is reproduced as the degree of the structure is small. 

 

A reproduction of the experimental results shown in Figure 4.10 is shown in Figure 4.17. 

These are excerpts from the calculation results shown in Figs. 4.15 and 4.17. Comparing 

Tables 4.6 and 4.7, it can be seen that because of the different loading history, the 

degree of soil skeleton structure is different although they are almost in the same stress 

and specific volume state. If there is no cyclic history, the degree of overconsolidation 

and the degree of structure are both high. On the other hand, when there is a cyclic 

history, the degree of overconsolidation and the degree of structure are smaller than 

those without cyclic history. In other words, soil disturbance caused by cyclic loading 

can be described as the reduction of structure and overconsolidation. Such a decrease in 

undrained shear peak strength due to soil disturbance is a phenomenon that can be 

explained for the first time by incorporating the structural concept, suggesting the 

necessity/importance of the "structural concept". 

 

Table 4.7 Initial values after cyclic loading 

 B-1S B-2S A-3S 

Specific volume v0 2.93 2.93 2.93 

Mean effective stress p’0 45.0 75.0 170.0 

Stress ratio η0 0.0 0.0 0.0 

Degree of structure 1/R
*
0 18.9 22.7 31.1 

Degree of overconsolidation 1/R0 3.40 2.15 1.15 

Degree of anisotropy ζ0 0.0 0.0 0.0 
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Fig. 4.16 Calculation result of cyclic undrained shear tests 

 

 

Fig. 4.17 Calculation result of undrained shear tests with cyclic loading history 

 

4.5 CONCLUSIONS 

(1) In this chapter, in the monotonic undrained triaxial test, the strain softening 

behavior was observed, which is a typical feature of the naturally deposited soft 

clay. 
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(2) By applying cyclic loading with strain control, it was possible to give multiple 

cyclic loading without causing localized deformation of the specimen as compared 

to stress control which showed the necking failure of the specimen. 

 

(3) It is clearly observed, that with the increase of the cyclic loading history, (1) the 

initial stiffness smaller, (2) the undrained shear strength decreases, and (3) the 

degree of strain softening decreases. 

 

(4) It was observed in that in undrained shear isotropic test, as the confining pressure 

increases, the degree of over consolidation decreases and approaches the normally 

consolidated state, but the degree of structure hardly changes, because it has the 

characteristic that it is difficult to decay by isotropic stress. 

 

(5) The stiffness decreases as the cyclic history increases, and the behavior in which 

the effective stress decreases can be reproduced. Here, when focusing on the degree 

of the structure and the degree of over consolidation, it can be seen that the degree 

of the structure decreases and the degree of over consolidation increases as the 

cyclic loading history increases. In other words, it can be understood that the 

degradation of structure and accumulation of over consolidation occur during the 

cyclic loading. 
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EXPERIMENTAL ATTEMPT TO PRODUCE SOFT CLAYEY 

SPECIMEN BY ADDING HYDRATION REACTION CONTROLLED 

CEMENT OR LEACHING OF CALCIUM 

 

5.1 INTRODUCTION 

Since liquefaction damage to sandy ground has attracted attention from the Niigata 

Alaska Earthquake 1964 [1-2], the earthquake damage prediction in the field of 

geotechnical engineering is the instability phenomenon of sandy ground, that is, 

liquefaction. It is the center, and the sticky land has not received much attention. 

Therefore, even if the cohesive soil has an N value of zero or contains a large amount of 

sand / silt, as soon as it is classified as "cohesive soil", it is considered that earthquake 

damage to the ground does not occur / does not need to be considered. , Cohesive soil 

has been modeled as "elastic" in effect. On the other hand, when the past earthquake 

damage such as the Mexico earthquake (1957, 1985), Nepal earthquake (2015), Miyagi 

prefecture earthquake (1978), Niigata prefecture Chuetsu earthquake (2007), etc. is 

examined, Figure 5.1 shows an apartment in Mexico City that was destroyed in the 

1985 Mitokan earthquake in Mexico. Mexico City is originally located on the basin 

where the Lake Tescoco was reclaimed, and its soil quality is composed of volcanic 

ash-like extremely soft cohesion. The area is famous for the occurrence of huge 

earthquake damage despite the fact that it is 300 km away from the epicenter, but as the 

cause, the seismic movement is amplified and stagnated in the basin, and not only 

during the earthquake but also the earthquake. 

 

 

 

Fig. 5.1 Mexico Apartment (Earthquake 1985) 
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After that, it is said that the soft and viscous soil was violently disturbed by receiving 

repeated vibration for a long time, and the supporting power was lost and Figure 5.2 

shows the relationship between the amount of land subsidence and time observed at Port 

Island during the 1995 Hyogoken Nanbu Earthquake. Land subsidence, which was once 

approaching convergence after the completion of Port Island landfilling, showed a surge 

and acceleration during the earthquake. Although this settlement occurs in the marine 

alluvial clay Ma13 layer in Osaka Bay, it has been confirmed by the investigation that 

the clay layer was in a sensitive and high water content state, and the increase of the 

overburden load by the landfill and its polarization [3]. It is thought that the strong 

vibration received under the applied load reduced the stiffness of the ground 

respectively.  

 

 

Fig. 5.2 Relationship between the amount of land subsidence and time observed at Port Island during the 

1995 Hyogoken Nanbu earthquake. 

 

The sandy ground although not so much as liquefaction damage, there are many reports 

of earthquake damage of soft land in and outside Japan. However, earthquake damage 

does not occur in any viscous land, and it is common to viscous land where earthquake 

damage occurred, that viscous soil has a high water content ratio, "sensitivity", 
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"softness". Soft clay foundation often shows long-term large settlement under 

embankment loading as the compressibility is large. On the other hand, the clay 

foundation has been considered to be safe for the dynamic problem. However, the 

recently investigated results showed that clay foundation showed remarkable loss of 

rigidity due to an earthquake, which leads to tremendous seismic damages, as observed 

in the 1957, 1985 Mexico earthquakes and the 2015 Nepal earthquakes. These areas 

possess the soft lake deposits consisting of soil types with extremely high water 

contents, namely, soft and sensitive clays.  

 

Therefore, in addition to the static behavior, it is important to grasp both static and 

dynamic mechanical properties of naturally deposited clayey materials it is important to 

understand the dynamic behavior of such soft clay soils, but for that purpose it is 

possible to use an undisturbed sample collected undisturbed as it is in a naturally 

deposited state.  

 

To this aim, it is indispensable to carry out various systematic experiments using the 

undisturbed soil samples. It is difficult to prepare number of homogeneous soft clay 

sample, due to the problem of variability of quantities during sedimentation, disturbance 

during sampling and high expense of boring survey. By using the remolded sample, 

focused on the cementation reaction, in order to artificially produce the soil sample 

having similar characteristics to those of naturally deposited soft clay. By doing so, 

while maintaining the reproducibility of the specimen, it might be possible to perform a 

large number of systematic experiments, and to conduct such model experiments as 

impossible in the past, in order to artificially produce the sample having similar 

characteristics to those of naturally deposited soft clay. Although numerous 

experimental studies have been conducted to reproduce the natural soft clay with 

cement, the cement was directly added to soil in most cases. As the result, the 

solidification effect was so strong that localized failure occurred in the soil specimen 

due to cracking followed by a sudden decrease of shear stress with no increase in excess 

pore water pressure. So, in terms of the necessity to reduce the solidification effect, a 

newly attempted methods was introduced “addition of hydration reaction controlled 

cement” and “calcium leaching” to represent similar characteristics of soft clay material. 

Various tests were conducted to achieve the required results.  

 

In this chapter, the influence on mechanical properties, when hydration reaction 

controlled cement is added to clayey soil and also describe the results of examining the 

influence of calcium leaching on the mechanical properties of cemented cohesive soil 

will be discussed. 
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5.2 PREVIOUS STUDIES 

Researcher added a small amount of cement to the reconstructed Fukuyama Port 

cohesive soil sample, added pre-consolidation, prepared the specimen, and performed 

re-consolidation as shown in Figure 5.3. Due to the structure formed by the 

solidification reaction of cement, bulky behavior can be confirmed. He also performed 

the Non-drainage shear test of cement-added reconstituted samples and it might be a 

localized and brittle loss of strength due to shear plane generation, however, as the 

confining pressure increases, the axial stress does not decrease [4]. Moreover, at the 

decrease in the axial differential stress under low confining pressure, shows that it is not 

a smooth decrease but a rattling and brittle behavior. In addition, the effective stress 

path clearly shows a “worship behavior “such as a decrease in q with a decrease in 

p ′after an increase in q with a decrease in p ′greater than that. M of general clay soil is 

about 1.5, which is to be considered as solidification effect of cement should be too 

strong as shown in Figure 5.4. 

 

 

      Fig. 5.3 Modified figure of standard consolidation test (Tsuchida et al, 2013). 
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Fig. 5.4 Modified figure of undrained shear test results of cement-added reconstituted samples 

(Tsuchida et al, 2013) 

 

The behavior based on the concept of skeletal structure and the understanding of the 

mechanical behavior was analyzed as a fluid with high fluidity assuming the mixed 

solidification method in the pipe using the cement improved soil of Fujimori clay used 

in this study. Cement solidification increases the structure and over consolidation. The 

test result of the cement-improved soil reproduces the bulky behavior outside the 

normal consolidation line of the tempered improved soil. It can be said that the behavior 

similar to that of high-viscosity clay soil was reproduced [5]. 

 

The axial differential stress decreased after reaching its peak, but the q-εa relationship 

became brittle and the limit state. The slope of the line is still as large as about 2.0. In 

the test result of low confining pressure, the specimen reaches to the “tension cut off 

line” of inclination 3.0 through the origin and shows collapse, because in this research 

the cement addition rate was 6.9%, so the cement solidification action was strong, and it 

was considered that the fracture was brittle without showing strength deterioration 

(softening behavior) as a material property, shown in Figure 5.6. Based on the skeletal 

structure concept, the addition of cement enhanced the structure, but it was thought that 

the structure was strong and not easily broken. Therefore, it is necessary to pay attention 

to physical properties in consideration of the effects of excessive cement addition [6]. 
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Fig. 5.6 Comparison of naturally and cement added specimen (Fukuwa et al , 2016) 

 

5.3 CHARACTERISTICS OF NATURALLY DEPOSITED SOFT CLAYS 

First, we confirmed the mechanical properties of naturally deposited soft clay. 

Figures 5.7 to 5.9 indicate the typical experimental result of the undisturbed soft clay 

sample which was sampled from very soft clay layer with its N value about 0 to 2. 

Figure 5.7 shows the results of unconfined compression tests. Although there are 

variations, the compressive strength is about 100kPa and shows a clear peak. Since the 

compressive strength of the remolded sample is about 10kPa, the sensitivity ratio St is as 

large as 10. Figure 5.8 shows the Oedometer test results of the undisturbed and 

remolded sample. It can be seen that the compression line of the undisturbed sample 

takes a bulky stress state in the impossible region outside the remolded compression line 

and the compressibility is also large. Compressibility ratio Cc/Ccr is as large as 1.6, 

where Cc is a compression index of the undisturbed sample and Ccr is a compression 

index of the remolded sample respectively. It was founded that there is a possibility of a 

large long-term settlement if the sensitivity ratio St and compressibility ratio Cc/Ccr of 

the clay layer are equal to or more than 8.0 and 1.5, respectively [7] as shown in Figure 

5.10. In that sense, as a characteristic of the soft clayey soil, a large sensitivity ratio and 

a compression index ratio can be cited. Figure 5.9 shows undrained triaxial compression 

tests (stress path; deviator stress q ~ mean effective stress p’ relation) of undisturbed 

samples with different confining pressures. Soft clay specimen indicates strain softening 

behavior with a change of excess pore water pressure. In conclusion soft clays possess 

high liquidity index, high compressibility and high sensitivity ratio. Moreover reduction 



  Chapter 5 

 

66 | P a g e  

 

of axial stress due to reduction of effective stress "Softening tendency", “Smooth rise of 

pore water pressure“ 

 

 

Fig. 5.7 Unconfined compression tests    

 

   

      Fig. 5.8 Oedometer test      
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Fig. 5.9 Undrained triaxial compression   

     

 

       

Fig 5.10 Classification based on the sensitivity and compression index ratios (Inagaki, M., etal, 2010) 
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5.4 PHYSICAL PROPERTIES OF A SPECIMEN 

The specimen used for this research is Fujinomori soil. Gradation curve is shown in 

Figure 5.11 and physical properties are shown in Table 5.1 

 

Table 5.1: Physical Properties of silty Clay 

 

Description Silty-Clay 

Liquid Limit w
L
(%) 45.82 

Plastic Limit w
p 

(%) 25.37 

Plasticity index I
p
 20.44 

Gs (g/cm3) 2.65 

 

    

Fig 5.11 Gradation Curve of specimen  

 

5.5 HYDRATION OF CEMENT 

In this chapter, the new method hydration controlled cement will be discussed and 

later on about calcium leaching. 

In order to make structure soil, we are using pre-curing cement (early-strength Portland 

cement (curing 7 days)) in order to reduce the solidification effect and also control PH. 

Physical properties changes with PH. The Conceptual diagram of hydration reaction of 

Portland cement shown in Figure 5.12. 

 

10-3 10-2 10-1 1000

20

40

60

80

100

Pe
rc

en
t p

as
si

ng
 (%

)

Grain size (mm)

Clay

Silty clay



  Chapter 5 

 

69 | P a g e  

 

 

Fig. 5.12 Conceptual diagram of hydration reaction of Portland cement 

 

When cement particles come in contact with water (after water injection), reaction 

between cement and water starts. 

Hydrate forms and the layer of hydrate covering the cement particle surface become 

thick enough. (Stage 1) 

When particles begin to adhere to each other, condensation occurs. (Stage 2) 

Densification of cement proceeds by filling the space where water was first present in 

the hydrate. (Stage 3) 

 

In this chapter, by the above hydration reaction, the bond strength between soil particles 

was enhanced without going through the density increase (consolidation process) with 

load loading, and further, the preparation of the specimen in the high water content state 

was anticipated. Also, this chapter also attempts to control the solidification effect of the 

hydration reaction that proceeds in stages by continuing agitation during the hydration 

reaction. 

 

5.5.1 Methodology 

In this chapter, the solidification effect of the cement was tired to reduce by stirring 

clay and cement mixture for a while, for the purpose of destroying the generation of the 

hydration product. The procedure for preparing specimens is shown below. 

 

1. The cement powder was mixed with the clay and water content ratio was adjusted 

to be 75% which is approximately 1.5 times the liquid limit of clay, and stir 

thoroughly for a while. Stirring time is 0, 1, 2, 3 and 6 hours. The amount of 5 

specimens was mixed at a time so that there was no significant difference between 

specimens as shown in Figure 5.13. 

 

2. After properly mixing, the paste was put into a specified plastic mold having a 

diameter of 50 mm and a height of 100 mm by giving a little vibration while putting 
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to avoid the intrusion of air.  

 

3. Due to bleeding effect, the moisture rich portion formed on the top of the plastic 

mold was removed with a spatula and put the mold for curing for 2 weeks in water, 

so that solidification reaction by early strength Portland cement converged to some 

extent as shown in Figure 5.14. 

 

4. Since this experiment aims to reproduce soft and viscous soil that can be used in 

model experiments, all specimens prepared in this experiment were not 

pre-consolidated. 

 

 

 

Fig. 5.13 Flow of sample mixing 

 

 

 

Fig. 5.14 Upper layer of mold is removed and underwater curing 

 

5.5.2 Experimental results and discussion 

A viscous soil specimen is prepared, and a physical test, a uniaxial test, a standard 

consolidation test, and an undrained triaxial test are performed as appropriate, and an 

attempt is made to grasp their mechanical characteristics. By addition of 5% of cement 

to specimen with different stirring time, 0, 1,2,3,6 hr., there was not a significant change 

observed in physical properties with pre-curing time, but it exhibits a high liquidity 

index that is characteristic of soft clay soils and also the formation of the structure due 

to the cement solidification reaction is alleviated and the water retention capacity is 

reduced. 
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5.5.3 Uniaxial Compression Test 

A uniaxial compression test was performed on the artificial cohesive soil specimen 

with 5% cement added, changing the stirring time, and the characteristics and behavior 

were investigated. Figure 5.15 shows unconfined compression tests results with 

different stirring time, and Table 5.2 shows the specific volume, peak strength, residual 

strength, and specimen appearance. Figure 5.15 shows that the strength and rigidity 

decrease with increasing the stirring time. Although deformation is brittle, adding 

cement directly shows high peak strength and high rigidity. As the stirring time 

increases, the peak strength and the initial stiffness decrease. Moreover, when it exceeds 

3 hours, the specimen shows no clear peak. From Table 5.2, the specific volume 

decreases with increasing stirring time. This is considered to be the influence of 

bleeding. Looking at the uniaxial compressive strength qu, it also decreases with 

increasing stirring time. Therefore, it can be considered that the sensitivity ratio St 

decreases. Looking at the state after shearing, the specimen with a stirring time of 0 

hour shows brittle fracture, while the specimen with a stirring time of 6 hours shows 

ductile fracture. 

 

   Fig.5.15 Unconfined compression tests 
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Table 5.2 Specific volume, peak strength, residual strength and specimen appearance 

 

Therefore, it was found that by increasing the pre-curing time, both strength and rigidity 

decreased, and the brittle behavior was relaxed and the sensitivity ratio St was decreased. 

By prolonging the stirring time, the solidification effect of the cement is reduced.  

 

5.5.4 Standard Consolidation Test 

Figure 5.16 shows Oedometer tests with different stirring time. It shows large 

compressibility while taking a bulky stress state outside the compressed line of the 

remolded sample by addition of cement. Although the compression index decreases 

with increasing stirring time, moreover the compressibility ratio is above 1.5, even 

stirred for 6 hours as shown in Table 5.3. 

 

   Fig 5.16 Oedometer tests 
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Table 5.3 Stirring time and compression index 

Stirring time 

(hours) 

0hr 1hr 2hr 3hr 6hr 

Compression 

index𝐶𝐶 
0.75 0.68 0.69 0.53 0.49 

Compression index 

ratio 
2.42 2.19 2.23 1.71 1.58 

 

5.5.5 Triaxial compression tests  

5.5.5.1 Isotropic consolidation process 

The relationship between time and volume strain in the isotropic consolidation 

process with a Confining pressure of 30 kPa and of 100 kPa, are shown in Figure 5.17 

and Figure 5.18 respectively. The axial displacement and volume change are shown in 

Table 4 and Table 5, respectively. It can be observed that the volumetric strain increases 

as the stirring time is increased. Furthermore, looking at Table 5.4 and Table 5.5, the 

longer the stirring time, the larger the axial displacement and volume change. 

 

It can be seen that by increasing the stirring time, it was possible to produce a specimen 

that was softer and had a larger volume change in a high water content ratio than the 

specimen only with cement addition. 

 

 

Fig. 5.17 Time-volume strain relation (restraint pressure 30kPa)  
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Fig. 5.18 Time-volume strain relation (restraint pressure 100kPa) 

 

 

Table 5.4 Axial displacement and volume change (confining pressure 30kPa) 

Stirring time (hours) 0hr 1hr 2hr 3hr 6hr 

Axial displace𝑚𝑒𝑛𝑡(𝑚𝑚) 0.24 1.05 0.75 1.53 0.91 

Volume change (cm
3
) 0.02 1.79 1.21 3.44 4.49 

 

Table 5.5 Axial displacement and volume change (confining pressure 100kPa) 

Stirring time (hours) 0hr 1hr 2hr 3hr 6hr 

Axial displace𝑚𝑒𝑛𝑡(𝑚𝑚) 0.50 1.66 3.83 2.11 0.50 

Volume change (cm
3
) 4.19 11.7 11.3 8.94 4.19 

 

5.5.5.2 Undrained triaxial compression tests 

Undrained triaxial compression tests applying confining pressure of 30kPa with 

different stirring time are shown in Figure 5.19. The deformation behavior is brittle, 

when cement is directly added to clay (stirring time is 0hr) and the stress-strain curve is 

rattling, but when pre-stirring is carried out, the shear strength obviously decreases, the 

deformation becomes ductile and the stress-strain curve becomes smooth. Moreover, the 

phase transformation angle decreases with increasing of the stirring time. However, the 
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longer the stirring time is, the larger the peak intensity is. This is because the volume 

compression during the isotropic consolidation process is large and the density becomes 

larger. 

 

Fig. 5.19 Undrained triaxial compression tests 

 

5.6 CALCIUM LEACHING 

Previously, hydration reaction method was adopted during sample preparation and 

tried to reduce the expression strength. The softening behavior was not achieved 

properly, so, there was another approach that can be performed on specimens that have 

already been firmly bonded by adding cement, and attempt to reduce the binding force 

or increase the void ratio by calcium leaching using ammonium nitrate aqueous solution. 

Firstly, the background of the leaching with ammonium nitrate will be described with 

reference to previous studies. 

 

5.6.1 PREVIOUS STUDIES 

The immersion of cement paste and mortar in NaCl solution for a long time 

promotes leaching to reduce the amount of hydrate in the specimen and changes in 

tensile strength, elastic modulus, and fracture energy is shown [8]. Here, leaching is a 

phenomenon in which the amount of hydrate in hardened cement is reduced, which a 

phenomenon is observed in concrete structures in contact with fresh water. The leaching 

phenomenon is due to the dissolution of calcium ions in CH (calcium hydroxide) and 

CSH (calcium silicate hydrate) into an aqueous solution with a low concentration of 

calcium by concentration equilibrium near the surface of the cement and the aqueous 

solution. The relationship between immersion time and bending strength according to 

the bending test conducted by Miura et al. is shown in Figure 5.20 and it can be clearly 

observed that the bending strength decreases with the increase of the immersion time. 
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Fig. 5.20 Bending test result (Miura et al.2010) 

 

An ion migration prediction model in cement was built, that takes into account the 

transformation of the cemented body accompanying Ca leaching, and for verifying the 

validity of the model, the leaching rate of Ca or the penetration of chloride ions and 

compared the predicted value and the experimental value of the quantity. The hardened 

cement was immersed in the leaching accelerator ammonium nitrate to leach out Ca. [9]. 

The reason is that ammonium nitrate can selectively dissolve Ca (OH)
2
 and Ca, and 

there is little influence such as remaining amount in cement. The relationship between 

the distance from the hardened cement surface and the calcium leaching rate after 7 

days of the above leaching. The Figure 5.21 also shows that the calculation results when 

immersed in water for 1700 days for comparison. From the Figure, it can be seen that 

the effect of soaking in ammonium nitrate is as effective as 1700 days in water. The 

study by [8] showed that cement paste and mortar showed strength reduction by Ca 

leaching, and the study by [9] showed that Ca leaching can be promoted by using 

ammonium nitrate. 

 

In this section, an artificial viscous soil sample in which 5% of cement is added to 

Fujimori clay is immersed in an aqueous solution of ammonium nitrate to promote Ca 

leaching to try to reduce strength, increase the void ratio, and reproduce the strain 

softening phenomenon during shearing. 



  Chapter 5 

 

77 | P a g e  

 

 

           Fig. 5.21 Ca leaching progress (AOYAMA, T., et al.2012) 

 

5.6.2 METHODOLOGY 

The methodology from step 1 to 3 is same as in section 5.5.1 but after that just 

one step was performed,  

 

1. After removing the specimen from the mold, immerse it in a 0.5 mol/L ammonium 

nitrate aqueous solution for one week. (By soaking for one week, the internal PH 

value becomes homogeneous and calcium leaching reaches the inside of the 

specimen.), as shown in Figure 5.22.  

 

Various physical tests and mechanical tests were performed on the specimens thus 

prepared. The leaching phenomenon referred to here means that the calcium ions in CH 

(calcium hydroxide) and CSH (calcium silicate hydrate) generated during the hydration 

reaction of cement depend on the concentration equilibrium between the aqueous 

solution and the cement surface 
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Fig.5.22 Concentration and leaching status of ammonium nitrate (1 week immersion) 

5.7 EXPERIMENTAL RESULTS AND DISCUSSION 

A viscous soil specimen is prepared, and a physical test, a uniaxial test, a standard 

consolidation test, and an undrained triaxial test are performed as appropriate, and an 

attempt is made to grasp their mechanical characteristics. By addition of 5% of cement 

to specimen with different stirring time, 0, 1,2,3,6 hr. and immersed it in a 0.2, 0.5,1 

mol/L ammonium nitrate aqueous solution. 

 

5.7.1 PHYSICAL TEST 

The results of physical tests with and without calcium leaching are shown in the 

Table 5.6. The natural water content is the water content at the time of specimen 

preparation, and the physical test was conducted after refining the specimen once 

prepared. Although the soil particle density is not changed by calcium leaching (here, 

the hydrated product is calculated as soil particles), the liquid limit is decreased. The 

characteristic is that the natural water content is increased by calcium leaching, and as a 

result, the specimen has very high water content with a liquidity index of 4.0 or more. In 

fact, the specimens that were self-supporting when turned by hand easily turned into 

slurry. 

 

Table 5.6 Changes in physical properties due to Ca leaching 

 
Ca(Without 

leaching) 

Ca(With 

Leaching) 

Soil particle density 

ρs (g/cm3) 
2.77 2.76 

Liquid Limit wL (%) 53.2 42.8 

Plastic Limit wp (%) 30.2 30.8 

Plasticity index Ip 23.0 12.0 

Natural water 

content wn (%) 
70.4 80.6 

Liquidity Index IL 1.75 4.15 

 

The particle size accumulation curve is shown in Figure 5.23 and it can be seen that the 

fine particles are reduced by Ca leaching. 
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Fig. 5.23 Change in particle size due to Ca leaching 

 

5.7.2 Uniaxial Compression Test 

The uniaxial compression test results are shown in Figure 5.24. Here, the 

ammonium nitrate solution concentration is 0.2, 0.5 and 1.0 mol / l. It can be seen that 

uniaxial strength and initial stiffness are significantly reduced by calcium leaching. On 

the other hand, there is no difference due to the solution concentration. This indicates 

that, when immersed for a sufficient period of time, the degree of calcium leaching 

occurs to the same extent regardless of the solution concentration. 

 

 
       Fig. 5.24 Uniaxial compression test (calcium leaching) 
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5.7.3 Standard consolidation test 

In the standard consolidation test, in addition to a slight increase in specific volume 

due to calcium leaching, it can be seen that the pre-consolidation pressure is reduced 

while maintaining high compressibility by adding cement. The Figure 5.25 also shows 

the standard consolidation test results of a wrought sample prepared by repeatedly 

kneading calcium-leached samples. The calcium leaching specimen is in a “bulky” state 

with a large specific volume under the same vertical stress as compared to the tempered 

sample, and gradually approaches the pulverized compression line as the vertical stress 

increases. 

 

 

Fig. 5.25 Standard consolidation test 

 

5.7.4 Undrained triaxial compression test 

The results of undrained triaxial compression tests conducted at isotropic 

compaction pressures of 30 kPa and 100 kPa are shown in Figure 5.26. The presence or 

absence of calcium leaching is also shown. Without calcium leaching (just adding 

cement directly), the stress-strain curve rattles and shows brittle behavior, but with 

calcium leaching, draws a smooth curve. Looking at the state of deformation of the 

specimen during shearing, there is a crack / shear surface that penetrates the specimen 

longitudinally with axial strain of 3-5% when there is no leaching, but a barrel shape 
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when there is leaching. It was deformed to show ductile behavior. Looking at the 

effective stress path, the calcium leached specimen exhibited a slight but smooth 

softening behavior (decrease in axial differential stress accompanied by excess pore 

water pressure change).  

 

Fig. 5.26 Comparison of triaxial compression test (with and without calcium leaching) 

 

5.8 CONCLUSION 

In this chapter, attempted to artificially prepare specimens similar to natural 

sediment soft clay by adding hydration reaction controlled cement, specifically, by 

stirring cement and clay mixture for a while, the solidifying action of the hydrated 

product was destroyed and liquidity index maintains high value. The addition of cement 

makes it possible to reproduce the characteristics of naturally deposited soft clay to 

some extent, such as high sensitivity ratio and high compressibility ratio. When cement 

was added directly, the solidification effect was too strong to show brittle deformation, 

but by controlling the hydration reaction, it showed ductile behavior. However, it was 

not possible to reproduce the strain softening behavior which is one of the important 

characteristics of soft clay.  

 

By using calcium leaching the behavior similar to that of naturally deposited soft 
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viscous soil was obtained and specimens exhibiting (1) High water content ratio with a 

high liquidity index, (2) High sensitivity, (3) Bulky behavior outside the normal 

consolidation line ("impossible region") of the crushed soil in compression behavior, 

and (4) Smooth stress in shearing behavior -Strain curve and (slight) softening behavior. 

 

From now on, to reproduce the specimens closer to the natural soft clay by searching for 

the appropriate cement addition amount and stirring time. Moreover, calcium leaching is 

examined as a method of reducing the solidification action of cement. In future, use 

finer specimen for experiment like clay, to achieve more good results. 
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CONCLUSIONS AND DISCUSSIONS 

 

The conclusions obtained in this research are listed below; 

 

In the chapter 2, to understand the undrained cyclic shear behavior of clayey soil under 

a drastically changed loading rate is discussed. The loading rate was changed drastically 

from 1.0Hz to 0.0042Hz by stress control, and 0.01%/min by strain control which was 

considered to be low enough that pore water migration occurs sufficiently during 

shearing. Since clay material has low permeability, there is a difference in excess pore 

water pressure migration depending on the loading rate. Especially when the loading 

rate is high, the pore water does not migrate sufficiently during cyclic loading and the 

excess pore water pressure distribution inside the specimen becomes non-uniform. 

Moreover, observation of the uniformity process of excess pore water pressure after 

cyclic loading, and a re-compression test after cyclic loading were also conducted. The 

following conclusion were drawn from the experimental results. 

 

(1) The degree of strain evolution varied depending on the loading rate. Because 

undrained shear strength is often evaluated by the number of cycles to reach a given 

DA (double amplitude), this experimental fact indicates that the undrained shear 

strength also varies depending on the cyclic loading rate. The lower the loading rate 

is, the weaker the strength becomes. 

(2) In the triaxial test apparatus, mean effective stress p’ is calculated using the excess 

pore pressure measured at the lower end of the specimen as a representative value. 

When the cyclic loading rate is high, the pore water does not migrate sufficiently 

and the distribution of the excess pore water pressure inside the specimen becomes 

non-uniform (the measured value of the excess pore water pressure becomes small). 

Therefore, the (apparent) effective stress path varies depending on the loading rate. 

When the loading rate is high, the effective stress path hardly decreases during the 

cyclic loading. 

(3) During the uniformity process after cyclic loading, the measured value of excess 

pore water pressure at the end of the specimen increased (mean effective stress 

decrease). Higher the cyclic loading rates generated, greater excess pore water 

pressure. However, the final values of excess pore water pressure after the 

homogenization process was the same regardless of loading rate or slightly larger if 

the loading rate was lower. This means that if sufficient time is left after cyclic 

loading, the final mean effective stress value becomes equal regardless of the 

loading rate. 
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(4) Slopes of compression lines after cyclic loading were equal regardless of the cyclic 

loading rate and this value was smaller than the compression index Cc, and equal to 

or slightly larger than the swelling index Cs. This means that the amount of 

compression after cyclic loading would be determined based on the swelling index. 

However, there might be a risk of underestimating the amount of compression 

unless the decrease in p’ due to uniformity process of excess pore water pressure is 

taken into account. 

(5) There are various types of external cyclic forces, such as earthquake motion, coastal 

waves, and traffic loads, which are actual problems. These all have different loading 

cycles from rapid loading to slow loading. Since the cyclic shear strength varies 

depending on the loading rate, it is important to conduct experiments using a 

suitable loading rate compared with the target problem. In other words, it is 

important to treat as an initial boundary value problem. In the development of a 

constitutive equation, it is important to grasp the element characteristics of the 

material accurately. Therefore, it is important to obtain experimental results at the 

lowest possible loading rate so that the internal state of the specimen can be treated 

as homogeneous and uniform. In this chapter reconstructed samples were used, but 

experiments using undisturbed samples from the naturally deposited condition will 

be conducted in the future to understand the effects of soil skeletal structure and its 

disturbance. 

 

In the chapter 3, triaxial tests were carried out using the vertical and the horizontal 

extraction specimen of the reconstituted clay and silty clay, for accumulating 

experimental facts of development of anisotropy during the preliminary consolidation 

process and the influence of the anisotropy on the shear behavior. Pre-consolidation 

pressure of 200kPa applied to induced initial anisotropy. Undrained shear triaxial test 

was performed with different isotropic stresses on clay (50 to 1800kPa) and silty clay 

(50,300 and 600kPa), and undrained shearing was carried out under constant axial strain 

rate of 0.0056(mm/min) for clay (2 days) and 0.0112(mm/min) for silty clay (6hrs.). 

Moreover, the comparison of clayey and silty clay and how the grain size affects the 

development/diminishing of anisotropy are discussed. The following conclusion were 

drawn from the experimental results. 

 

(1) From a series of experimental results, it is concluded that anisotropy developed in 

the preliminary consolidation process, and anisotropy disappears due to isotropic 

consolidation. Nevertheless, it does not completely disappear even under high 

confining pressure i.e. 1800kPa, especially in case of clay. However, if we compare 

clay and silty clay soil, silty clay materials lose their anisotropy at lower confining 
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pressure i.e. 600kPa, as compared to clay materials. Therefore, the grain sizes have 

significant effect on the developing and diminishing of anisotropy.  

 

(2) Another important fact observed was that critical state index (slope of critical state 

line) is decreasing and become constant as confining pressure increases. Moreover, 

modified Cam clay model can considered being more suitable to use as compared 

to the original Cam clay model in order to represent the work of anisotropy. 

 

(3) Further experiment will be performed to observe the effect of cyclic shear test to 

evaluate the development/diminishing of anisotropy. Moreover, based on 

experimental facts, constitutive model will be validated and add some improvement 

if necessary. 

 

In the chapter 4, the influence of the disturbance of soft clay due to cyclic loading is 

grasped from undrained triaxial compression tests and importance/implication of soil 

skeleton structure is discussed. In the past, according to the results of laboratory 

experiments, it has been found that destabilization such as liquefaction phenomenon 

does not occur in clayey soil because clayey soil maintains relatively high rigidity and 

strength even after cyclic loading. It is common that the soil was in the state of "high 

water content", "high sensitivity", and "soft" where the earthquake damage occurred. 

The difference between a natural deposited sample and a reconstituted sample is 

considered to be the degree of development of "soil skeleton structure" that develops 

over a long period of deposition process over several tens of thousands of years. The 

following conclusion were drawn from the experimental results. 

 

(1) In this chapter, in the monotonic undrained triaxial test, the strain softening 

behavior was observed, which is a typical feature of the naturally deposited soft 

clay. 

(2) By applying cyclic loading with strain control, it was possible to give multiple 

cyclic loading without causing localized deformation of the specimen as compared 

to stress control which showed the necking failure of the specimen. 

 

(3) It is clearly observed, that with the increase of the cyclic loading history, (1) the 

initial stiffness smaller, (2) the undrained shear strength decreases, and (3) the 

degree of strain softening decreases. 

 

(4) It was observed in that in undrained shear isotropic test, as the confining pressure 

increases, the degree of over consolidation decreases and approaches the normally 
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consolidated state, but the degree of structure hardly changes, because it has the 

characteristic that it is difficult to decay by isotropic stress. 

 

(5) The stiffness decreases as the cyclic history increases, and the behavior in which 

the effective stress decreases can be reproduced. Here, when focusing on the degree 

of the structure and the degree of over consolidation, it can be seen that the degree 

of the structure decreases and the degree of over consolidation increases as the 

cyclic loading history increases. In other words, it can be understood that the 

degradation of structure and accumulation of over consolidation occur during the 

cyclic loading. 

 

In the chapter 5, the influence on mechanical properties, when hydration reaction 

controlled cement is added to clayey soil and also describe the results of examining the 

influence of calcium leaching on the mechanical properties of cemented cohesive soil 

will be discussed. By using the remolded sample, and the necessity to reduce the 

solidification effect, a newly attempted method was introduced “addition of hydration 

reaction controlled cement” and “calcium leaching”, in order to artificially produce the 

soil sample having similar characteristics to those of naturally deposited soft clay. 

Various tests were conducted to achieve the required results. The following conclusion 

were drawn from the experimental results. 

 

(1) An attempted to artificially prepare specimens similar to natural sediment soft clay 

by adding hydration reaction controlled cement, specifically, by stirring cement and 

clay mixture for a while, the solidifying action of the hydrated product was 

destroyed and liquidity index maintains high value. The addition of cement makes it 

possible to reproduce the characteristics of naturally deposited soft clay to some 

extent, such as high sensitivity ratio and high compressibility ratio. When cement 

was added directly, the solidification effect was too strong to show brittle 

deformation, but by controlling the hydration reaction, it showed ductile behavior. 

However, it was not possible to reproduce the strain softening behavior which is 

one of the important characteristics of soft clay.  

 

(2) When cement is added directly to a clay sample, the solidification effect is too 

strong and brittle deformation occurs, but the following behavior similar to that of 

naturally deposited soft viscous soil is obtained by “calcium is leaching” of the 

cement solidified specimen. It became possible to artificially manufacture 

specimens exhibiting (1) High water content ratio with a high liquidity index, (2) 

High sensitivity, (3) Bulky behavior outside the normal consolidation line 
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("impossible region") of the crushed soil in compression behavior, and (4) Smooth 

stress in shearing behavior -Strain curve and (slight) softening behavior. 

 

(3) From now on, to reproduce the specimens closer to the natural soft clay by 

searching for the appropriate cement addition amount and stirring time. Moreover, 

calcium leaching is examined as a method of reducing the solidification action of 

cement. In future, use finer specimen for experiment like clay, to achieve more 

good results. 
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Appendix 1 

 

A 1.1 INTRODUCTION 
This section provides an introduction to the triaxial test, explaining why the test is 

performed, the stress state of a tested soil, required test system components, and the 

general procedure for running a triaxial test. It assumes a basic knowledge of soil 

mechanics for those readers unfamiliar with some terms in this section. 

 

A1.2 WHY TO CONDUCT A TRIAXIAL TEST? 

The triaxial test is one of the most versatile and widely performed geotechnical 

laboratory tests, allowing the shear strength and stiffness of soil and rock to be 

determined for use in geotechnical design. Advantages over simpler procedures, such as 

the direct shear test, include the ability to control specimen drainage and take 

measurements of pore water pressures. Primary parameters obtained from the test may 

include the angle of shearing resistance ϕ΄, cohesion c΄, and undrained shear strength cu, 

although other parameters such as the shear stiffness G, compression index Cc, and 

permeability k may also be determined. Figure A1.1 gives an example of the 

engineering application of the test; here triaxial compression provides strength 

information at the top of a cut slope, whilst triaxial extension allows parameters for soil 

elements at the slope base to be determined. 

 

 

 

Fig. A.1.1 Example of an engineering application of the triaxial test. 
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A1.3 WHAT DOES A TRIAXIAL TEST INVOLVE? 

The triaxial test typically involves placing a cylindrical specimen of soil, ranging 

from 35mm to 100mm diameter, into a cell that can be pressurized. The standard height 

of the specimen shall be 1.5 to 2.5 times the diameter or most specimens have an 

approximate 2:1 height-to-diameter ratio, and are sealed within a rubber membrane. 

Following this initial preparation the specimen is saturated, consolidated, and sheared, 

allowing the soil response to be observed under conditions that may approximate those 

in-situ. During the shear stage the soil is loaded axially, either in compression, or 

less-commonly in extension. The general set-up of a triaxial specimen inside a triaxial 

cell is shown in Figure A.1.2. 

 
 

Fig. A.1.2 Schematic diagram of general Set-up of a soil specimen inside a triaxial cell. 

 

A 1.4 WHAT ARE THE TYPES OF TRIAXIAL TEST? 

There are three primary triaxial tests conducted in the laboratory, each allowing 

the soil response for differing engineering applications to be observed. These are: 

 Unconsolidated Undrained test (UU) 

 Consolidated Undrained test (CU) 

 Consolidated Drained test (CD) 
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The unconsolidated undrained (UU) test is the simplest and fastest procedure, with soil 

specimens loaded whilst only total stresses are controlled and recorded. This allows the 

undrained shear strength “cu” to be determined, which is suitable for assessing soil 

stability in the short-term (e.g. during or directly following a construction project). This 

test is generally performed on cohesive soil specimens. 

 

The consolidated drained (CD) test on the other hand is applicable to describing 

long-term loading response, providing strength parameters determined under effective 

stress control (i.e. ϕ΄ and c΄). The test can however take a significant time to complete 

when using cohesive soil, given the shear rate must be slow enough to allow negligible 

pore water pressure changes. 

 

Finally the consolidated undrained (CU) test is the most common triaxial procedure, as 

it allows strength parameters to be determined based on the effective stresses (i.e. ϕ΄ and 

c΄) whilst permitting a faster rate of shearing compared with the CD test. This is 

achieved by recording the excess pore pressure change within the specimen as shearing 

takes place. 

 

A 1.5 STRESS STATE DURING A TRIAXIAL TEST 

The stresses applied to a soil or rock specimen when running a triaxial 

compression test are displayed in Figure A.1.3. The confining stress σc is applied by 

pressurizing the cell fluid surrounding the specimen and it is equal to the radial stress σr, 

or minor principal stress σ3. The deviator stress q is generated by applying an axial 

strain εa to the soil. The deviator stress acts in addition to the confining stress in the 

axial direction, with these combined stresses equal to the axial stress σa, or major 

principal stress σ1. The stress state is said to be isotropic when σ1 = σ3, and anisotropic 

when σ1 ≠ σ3. 

 

Important point is that, in case of extension test, the principal stress directions rotate by 

90° and in such a case the radial stress corresponds to the major principal stress 

direction, with the axial stress providing the minor principal stress. 
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Fig.A.1.4 Specimen stress state during triaxial compression. 

 

A 1.6 GENERAL TRIAXIAL TEST PROCEDURE 

As briefly mentioned in the Introduction section of this appendix 1, the triaxial 

test as described by geotechnical test standards (JGS 0520, 0521, 0522, 0524, 

0541:2009 and BS 1377: Part 8: 1990) typically consists of four main stages: specimen 

and system preparation, saturation, consolidation, and shearing. General outlines of how 

the experiment performed during this research and each stage are discussed below; 

 

A1.6.1 System check (must be performed before the experiment) 

1.) The gauge for the regulator must be maintained at 9MPa.  

2.) Water tank must have water and vacuumed for 24hrs. 

3.) Initialization must be performed for the areas where water will flow. 

a. Back pressure and Excess pore water pressure transducer/sensor 

(make sure voltage amplifier is set to zero) 

b. Top cap hole check for saturation ( Figure A 1.5) 

c. Base hole check for saturation ( Figure A 1.6) 

d. Cell pressure hole (after sample preparation) 

e. Cell pressure transducer/sensor (after sample preparation) 

The triaxial used for the experiment is shown in Figure A 1.7 below; 
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Fig A 1.5 Top cap hole check for saturation 

 

 

 

Fig A 1.6 Base hole check for saturation 
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A 1.7 Triaxial used for the experiment 

A 1.6.2 Steps in initialization  

Water needs to flow so the step for A.1.6.1 (3) is the same. The difference is the 

switch that needs to be opened) 

1. Open the screw for the Back pressure and Excess pore water pressure 

transducer/sensor. 

2. Let water flow out the Top cap hole (for saturation) and Base hole (for saturation). 

The initial configuration of the switches connected to the burette is towards the left 

or towards the cyclic triaxial base. Change the direction towards the burette so that 

water can be added to the burette.  

3. Make sure that the switch for the backpressure is directed towards the positive line 

not the negative line. Change the direction of the switch towards the negative line 

only when a negative pressure is being applied to the sample. This instance is 

performed to let the sandy material stand on its own when the triaxial cell is being 

placed.   
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4. Once water is stored inside the burette, change the direction of the switches towards 

the left or towards the cyclic triaxial base. 

5. Open the switch. 

 

A.1.6.3 Adding distilled water to the tank 

1. Make sure to use distilled water.  

2. Open vacuum so that water can flow into the tank. (Apply maximum pressure) 

3. Place the tube connected at the “add water tank” line in the schematic diagram 

inside the pan where the distilled water is placed.  

4. Open the switch at the “add water tank” line and the switch connected at the tank. 

5. Vacuum for 24 hrs to de-air the distilled water. 

6. To check if the distilled water is completely de-aired tap the container with a tamper. 

If no bubbles are seen then de-airing is a success as shown in Figure A 1.8  

 

Fig. A1.8 Checking if the distilled water is completely de-aired or not 

A 1.6.4 Specimen and System Preparation 

The test specimen itself must firstly be prepared from a sample of soil before 

placing into the triaxial cell. For cohesive soils this may involve trimming undisturbed 

specimens extruded from Shelby tubes or cut from block samples, whilst for granular 

soils the specimen may require preparation directly on the pedestal using a split-part 
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mould. In the case of cohesive specimens such as that shown in Figure A.1.9, a 

membrane suction stretcher can be used to place the rubber membrane around the soil 

once in position on the pedestal. It is very important, that disturbance to the specimen 

should be kept to a minimum during preparation. 

 

 

Fig. A 1.9 Trimmed cohesive specimen (left); membrane suction stretcher (middle); spilt-part mould 

for granular specimen preparation (right). 

 

Following placement of the specimen, the triaxial cell and other system components are 

assembled. During this stage the cell is filled with fluid, pressure / volume controllers 

connected, and transducer readings set as required. Detailed procedure is listed below; 

 

1. Measure the diameter, height and weight of the specimen Place the membrane on 

the base. The Performa used for that is shown in Figure A 1.10 

2. Seal it with 2 O-rings. 

3. Use the split mold to expand the membrane. 

4. At the top part of the split mold, the 2 O-rings for the top cap should be placed first. 

Then, attach the membrane to the split mold. 

5. Install the tubes for the vacuum to completely stretch the membrane. 

6. Open the vacuum. 

7. Place filter paper at the bottom.  

8. Place the accessories that prevent the spillage of the sample for the sample 

preparation. 

9. Place the sample by pluviation.   

10. Tamp the sides of the split mold in order to densify the sample. 

11. Flush water (This step is similar to C) 
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12. Once water reached the top of the sample, stop flushing the water. 

13. Scrape the excess sample with a spatula. 

14. Place filter paper at the top part. 

15. Attach the sample to the top cap and seal it with 2 O-rings. 

16. Make sure to adjust the setting of the axial load so that the sample can fit the cell. 

17. Apply a 10kPa negative pressure/vacuum so that the sample will stand. Change the 

switch of the backpressure towards the negative line.  

18. Remove split mold. 

19. Place the triaxial cell and connect all the necessary transducers to the cell such as 

the cell pressure and load cell. Furthermore, open the screw located at the top part 

of the triaxial cell so that air pressure will not be stored when the triaxial cell is 

placed.  

20. Make sure that it is completely sealed. 

21. Initialize the cell pressure transducer. 

22. Connect the water line to the water supply. 

23. Turn on the switch for the water line that is connected to the line of the triaxial cell. 

24. Fill the triaxial cell with water until the bottom part of the load cell. Close the crew 

located at the top part of the triaxial cell once the water reaches the bottom part of 

the load cell. Make sure to connect the piston to the triaxial cell. Adjust the jack 

with the use of the voltage amplifier. Rotate the “Zero knob” in a clockwise 

direction to lower down the jack. Lock the jack so that it will not move during the 

shearing part as shown in Figure A 1.11 

25. Since there is already water inside the cell the sample can now stand with the use of 

the cell pressure and because of this, the negative pressure can now be removed. 

Apply a 10kPa cell pressure first before removing or changing the negative pressure 

to zero.   
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Fig. A 1.10 Performa sheet for calculating specimen detail 

 

 

 

 

Fig. A 1.11 Specimen in Triaxial cell with Cell pressure 10kPa 
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A 1.6.5 Saturation 

The saturation process is designed to ensure all voids within the test specimen 

are filled with water, and that the pore pressure transducer and drainage lines are 

properly de-aired. To check the degree of specimen saturation is sufficiently high before 

moving to the consolidation stage, a short test is performed to determine Skempton’s 

B-value. This is called a B-check, and requires specimen drainage to be closed whilst 

the cell pressure is raised by suitable value. However that B is soil-dependent, so whilst 

normally consolidated soft clay will produce B ≈ 1.00 at full saturation, a very dense 

sand or stiff clay may only show B ≈ 0.91, even if full saturation has been reached. The 

saturation (B-Values) of each samples were confirmed to be 0.96 or higher in this 

research and in order to get that following step were followed; 

1. Cell pressure must be larger than back pressure by 10kPa (sand/coarse soil) and 

20kPa (clay) as shown in Figure A 1.12 

2. Always check the units of the gauge and the program and read the volume change. 

A negative value means water is being added while a positive value means water is 

being squeezed out.  

3. Open the switch for the top cap hole and base hole to read the volume of water. 

4. Read the B value to check saturation. (See JGS 0541-2009 Section 5.2.a).  

(a) “Close all the switches at the triaxial base except the switch for the back 

pressure transducer. It will now serve as the line that will read the change in 

pore water pressure”. Do this for 1 minute.” 

 

 

Fig. A 1.12 Specimen saturation by increasing back pressure 
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Fig A 1.13 B Value of specimen used in the experiment (Above 0.96) 

 

A 1.6.6 Consolidation 

The consolidation stage is used to bring the specimen to the effective stress state 

required for shearing. It is typically conducted by increasing the cell pressure whilst 

maintaining a constant back pressure (often equal to the pore pressure reached during 

the final saturation B-check), as shown in Figure A 1.14. This process is continued until 

the volume change ΔV of the specimen is no longer significant, and at least 95% of the 

excess pore pressure has dissipated. The consolidation response can also be used to 

estimate a suitable rate of strain when shearing cohesive specimens. Fowling procedure 

were followed while doing consolidation for current research;  

1. Open the switch for the top cap hole and base hole to read the volume of water. 

2. Do not change the value of the back pressure. 

3. Increase the value of the cell pressure to the desired value of the confining pressure. 

 

 

Fig A1.14 Consolidation of test specimen. 
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Fig. A 1.15 After Consolidation 

A 1.6.7 Shearing 

The soil is sheared by applying an axial strain εa to the test specimen at a 

constant rate through upward (compression) or downward (extension) movement of the 

load frame platen. This rate, along with the specimen drainage condition, is dependent 

on the type of triaxial test being performed 

Table A.1 summarizes the conditions for each test type (*note a constant confining 

pressure is maintained for each). 

 

Table A .1 Summary of test conditions during shear stage 

Test type Rate of axial strain Drainage 

UU Typically fastest, reaching failure 

criterion in 5 – 15 minutes 

Closed, no excess pore pressure 

measurement 

CU Slow enough to allow adequate 

equalization of excess pore 

pressures 

Closed, record excess pore 

pressure 

CD Slow enough to result in 

negligible pore pressure variation 

Open, record ΔV & maintain 

constant back pressure 
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Specimen response during the shear stage is typically monitored by plotting the deviator 

stress q or effective principal stress ratio σ΄1/σ΄3 against the axial strain εa. The stage is 

continued until a specified failure criterion has been reached, which may include 

identification of the peak deviator stress or peak effective principal stress ratio, 

observation of constant stress and excess pore pressure / volume change values, or 

simply a specific value of axial strain being reached (for example εa = 20%). 

Generalised response for normally-consolidated clay is presented in Figure A 1.16, 

including the excess pore pressure generated during a CU test, and observed specimen 

volume change during a CD test. The Figure also displays a cohesive specimen after 

completion of the shear stage, with the plane of failure highlighted (i.e. the plane in 

which the majority of shear strain occurs). 

 

 

 

Fig. A 1.16 Generalized specimen response during shear for a normally-consolidated clay (left); cohesive 

specimen post-shear showing failure plane (right). 

 

Fowling procedure were followed while doing consolidation for current research;  

1. Initialize LVDT. 

2. Turn on the switch for the loading frame.  

3. The undrained shearing was carried out under constant axial strain rate of 

0.0056(mm/min) for clay (2 days) and 0.0112(mm/min) for silty clay (6hrs.). 
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Fig. A 1.15 After Shear 
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Appendix 2 

Superloading/Subloading Yield Surface (SYS) Cam-clay Model 

A2.1 INTRODUCTION 

In what will always be remembered as an outstanding achievement, the Critical State 

Soil Mechanics approach (Roscoe et al., 1958, 1963) established some 55 years ago by the 

Soil Mechanics Group at the University of Cambridge was the first in the world to propose 

an elastoplastic constitutive equation, the Cam-clay model, capable of integrating both the 

shear and volume change behaviors of soils. And it is still widely used by many researchers. 

As the opening, the essences of Cam-clay model will be briefly described in the following, 

to view the scope of its application. 

The essences of Cam-clay model are: 

1) Hardening accompanying plastic compression; 

2) Softening accompanying plastic expansion; 

3) Watershed between hardening and softening (or plastic compression and plastic 

expansion) denoted by the critical state line Mq p  in the effective stress space 

( q - p  space). 

In addition, the slope of critical state line (CSL) M  is always constant. The fact that the 

Cam-clay model has rarely been used for analyses of softening/expansion has to do with 

the limited capabilities of electronic computational technology at that time, and does not 

reflect any limitations in the model itself. As mentioned above, Cam-clay model is 

established based on the fully remolded and normally consolidated soil. In other words, it 

cannot describe the behaviors of  

1) Dense sand or overconsolidated clay that behaves hardening accompanying 

plastic expansion above the CSL; 

2) Loose sand or structured clay that behaves softening accompanying plastic 

compression below the CSL under undrained triaxial tests. 

 

However, we cannot deny the application of Cam-clay model or doubt its validity. Such 

limitation comes from the fully remolded and normally consolidated soil. If two 

corresponding concepts, structure and overconsolidation are introduced into Cam-clay 

model to be the state variables such as plastic volumetric strain, the limitation can be 

overcome perfectly. Two new yield surfaces, Superloading yield surface and Subloading 

yield surface, are proposed to represent the concepts of structure and overconsolidation and 

defined with similar shape as the normal yield surface (plastic potential surface) of 
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Cam-clay model. During the introduction of structure and overconsolidation, Cam-clay 

model is still the fundamental theory of soil mechanics and it is a natural but significant 

progress to deal with the naturally sedimentary soils. 

In addition, the state of structure or overconsolidation that is similar to the density or void 

ratio can be regarded as the mechanical state and varies depending on the loading and 

unloading. Therefore, based on the Superloading yield surface and Subloading yield 

surface it is important to clarify that  

1) the decrease of overconsolidation 

2) and the decay/collapse of structure of sand or naturally sedimentary clay 

are persistently developing as the plastic strain progresses. For this reason, the slope of the 

watershed between softening and hardening could be larger or smaller than the watershed 

between plastic compression and plastic expansion, which is able to describe not only 

hardening accompanying plastic compression and softening accompanying plastic 

expansion but also hardening accompanying plastic expansion and softening 

accompanying plastic compression. 

 

As for overconsolidation, it is easy to be interpreted by comparing the current loading state 

with the most severe loading state in the past, while the structure can be represented by the 

bulky degree of soil, that is how much bulk a certain soil occupies, and it will be illustrated 

in detail from A2.3. Generally speaking, compared with the soil without structure, the 

structured soil can sustain a higher load if the void ratio is same or the structured soil can 

possess larger void ratio if the load is same. There would be no point in pursuing more 

intuitive interpretations of these terms “overconsolidation” and “soil skeleton structure,” 

by defining them physically from such visually determined characteristics as the size and 

configuration of soil particles. We have no need of intuitive definitions at the micro level. 

What is needed is a mechanical description of overconsolidation and soil structure “at 

work,” or “in action.” Nothing else matters for soil mechanics as a species of continuum 

mechanics. For example, we need to understand loss of overconsolidation as acting in the 

direction of expansion, and decay/collapse of structure as acting in the direction of 

compression. The introduction of Super/Subloading yield surfaces serves to make 

mechanical responses of these kinds describable.  

 

The contents mentioned above will be referred sequentially from A2.2 to A2.4. In A2.2, 

original Cam-clay model is described employing infinitesimal deformation theory, which is 

for the sake of easy understanding. In A2.4, the formula of Cam-clay model considering 

the Superloading/Subloading yield surfaces is deduced in the framework of finite 

deformation theory in which the objectivity of constitutive model is taken into 

consideration. Moreover, the anisotropy of soil skeleton will be presented at the same time. 
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The difference between clay and sand will be explained in A2.5. Typical sand is assumed 

to lose its structure rapidly as the plastic deformation increases while maintain its 

overconsolidation. However, typical clay is considered to lose its overconsolidation firstly 

and become normally consolidated clay while maintain its structure. Therefore, not only 

the behavior of clay but also the behavior of sand can be appropriately reproduced 

employing the Cam-clay model with the concept of Superloading/Subloading yield 

surfaces through adjusting the evolutional rates of overconsolidation and structure 

respectively.  

 

In A2.6, the compaction of loose sand will be simulated under undrained condition by 

applying small-amplitude cyclic shear stress. Such large volumetric compaction occurs due 

to not the large mean effective stress but the plastic compression during the decay of 

structure. Meanwhile the loss of overconsolidation for sand is much smaller than that of 

structure when loading and the overconsolidation ratio increases again when unloading, 

which results in the fast accumulation of overconsolidation. On the other hand, because it 

is easy to lose overconsolidation but difficult to lose structure for clay there is almost no 

compaction phenomenon in clay. During the various stage of compaction, there will be 

corresponding sands with different densities and void ratios and their mechanical 

characteristics will be also different from one another. However, it is obvious that the 

mechanical response of various sands is able to be described by only one constitutive 

model and one group of material constants regardless the densities of sand. 

A 2.2 CAM-CLAY MODEL 

Based on the assumption that all the external work exerted to the soil specimen is 

transformed into the friction energy of the soil itself, Taylor (1948) made an attempt to 

explain the soil dilatancy during shearing. Thereafter, by interpreting the plastic work in a 

similar way, Cambridge school conducted the stress-dilatancy (Taylor’s model) and 

proposed the yield function of Cam-clay model (Roscoe et al., 1958; Schofield and Wroth, 

1968). 

 

In this section, different from the assumption of energy, the yield function of Cam-clay 

model, which takes the plastic volumetric strain as hardening parameter, will be derived 

based on the basically experimental results: critical state line (CSL) that passes thought the 

original point in the effective stress space ( q - p  space) is of the same slope with that of 

the normal consolidation line in v ln p  space. 

 

Then the formulation of Cam-clay model will be deduced based on the plastic potential, 

namely plastic volumetric strain and the associated flow rule.  
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(1) Derivation of yielding function 

The results of triaxial compression test with constant cell pressure employing fully 

remolded and normally consolidated clay under drained and undrained conditions are 

shown in Figures. A2.1 and A2.2 respectively. Here the mean effective stress p  and 

deviator stress q  is defined as: 

 IσSSSσ pqp  ，，
2

3
tr

3

1
 (A2.1) 

Where σ  stands for the effective stress tensor (compression is positive), S  

represents the deviator stress tensor, I  is the unit tensor, v =1+ e  is the specific 

volume ( e : void ratio) and “ ” represents the inner product.  

 

 

 

Fig. A2.1 Drained triaxial compression test of fully remolded and normally 

consolidated clay 
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The loading rate is very slow so that the distribution of excess pore water pressure 

inside the soil specimen is uniform. The effective stress path ( q - p  relationship) in 

Figure A2.1 follows the total stress path ( / 3dq dp  ) when the cell pressure is constant. 

As the axial strain increases, volumetric compression is observed and the specific 

volume also decreases. On the other hand, there is no volumetric change in the 

undrained test in Figure A2.2 and the specific volume keeps constant during shear 

deformation. Due to the constant-volume condition, positive excess pore water pressure 

generates to satisfy the undrained condition. Therefore, the effective stress path lies in 

the left of the total stress path.  

 

If we observe the two results in Figures A2.1 and A2.2, when the axial strain or shear 

deformation develops adequately a state where there is no change in the effective stress 

( 0p  ) and in the specimen volume ( 0v  ) will be finally reached. It is called 

“Critical State” as the volume change is zero regardless of the shear deformation. If the 

volumetric strain can be assumed to divide into elastic component and plastic 

component, because of the constant effective stress ( 0p  ) at Critical State, 

correspondingly there will be no change in the elastic component of volumetric strain 

( 0e

v  ). In addition, because the total volumetric strain is also zero at Critical State, 

there will be no change in the plastic component of volumetric strain ( 0p

v  ) at 

Critical State. Here, v  represents the volumetric strain (compression is positive) and 

the upper dot is the material time derivative or increment. The superscripts “e” and “p” 

 

Fig. A2.2  Undrained triaxial compression test of fully remolded and normally 

consolidated clay 

 

0 100 200 300 400
0

100

200

300

400

0 100 200 300 400
2.4

2.5

2.6

2.7

0 5 10 15 20
0

100

200

300

400

0 5 10 15 20
–100

0

100

200

300

400

Mean Effective Stress p' (kPa)

D
ea

vi
at

or
 S

tr
es

s 
q

 (
kP

a)
S

pe
ci

fi
c 

v
ol

um
e 

v

Axial Strain εa(%)

Mean Effective Stress p' (kPa)Axial Strain εa(%)

D
ea

vi
at

or
 S

tr
es

s 
q

 (
kP

a)
E

xc
es

s 
P

or
e 

P
re

ss
ur

e 
u

w
 (

kP
a)

2.8



  

 

109 | P a g e  

 

represent the elastic and plastic components of volumetric strain respectively.  

 

In addition, Bishop and Henkel had carried out numerous drained and undrained triaxial 

compression tests under various isotropic consolidated pressures employing fully 

remolded and normally consolidated Weald clay. Figure A2.3 shows the projection of 

the Critical State to q - p  space and v - p  space respectively. It can be seen that 

Critical State lies on only one curve at both q - p  and v - p  spaces regardless of the 

drained or undrained condition. The curve consisting of discrete states of Critical State 

is called critical state line (CSL) which is actually a line passing through the original 

point and expressed by Mq p  in q - p  space. Here M  is called critical state 

constant and represents the material constant. In v - p  space, CSL is a curve but if it is 

drawn in v - ln p  space, there is a linear relationship in CSL between v  and ln p , as 

shown in Figure A2.4. Moreover CSL is parallel to the normal consolidation line (NCL). 

NCL and CSL can be presented by the following equations, 

 

 v N ln at 0 NCL
q

p
p

    


：  (A2.3) 

 v ln at CSL
q

p
p

     


：  (A2.4) 

 

Here N ,   and   are the material constants and   is called compression index. It 

is obvious that N> .  

 
p

v

e

vv     (A2.2) 
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According to Eqs. (A2.3) and A (2.4), if the slope of   is independent of the stress 

ratio , the intercept of specific volume on the axis of ln p  can be assumed to be the 

function of stress ratio ( )x  , 

 

Fig. A2.3 Projection of critical state line (CSL) obtained from drained and 

undrained triaxial compression tests (after Parry13), 1960) 

 

 

Fig. A2.4 Normal consolidation line (NCL) and critical state line (CSL) (after 

Parry13), 1960) 
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 px  ln
~

)(v   (A2.5) 

Of course ( )x   satisfies 

 ( 0)x     , ( M)x      (A2.6) 

For the sake of simplicity, linear interpolation for ( )x   is assumed and then 

   



x  (A2.7) 

Therefore, for arbitrary stress ratio   the specific volume will be expressed as 

 p



 ln

~
v   (A2.8) 

 

According to Eq. (A2.8), the volumetric change (specific volume change) of soil can be 

ascribed as the variation in ln p  and variation in stress ratio . Different from most of 

matters such as metal for which the volumetric change is only related with isotropic 

component of stress, the volumetric change of soil is dependent with not only the 

isotropic component of stress but also the deviator component of stress. The 

phenomenon of volumetric change due to shear stress if called dilatancy and generally 

volumetric expansion is positive. From Eq. (A2.8), it is recognized that if the effective 

stress path follows the constant p  and only the stress ratio   increases from 0 to M, 

the maximum volumetric change (compression, negative dilatancy) is  .  

 

Next the clay is loaded under normally consolidated state without unloading from the 

state ( 0v , 0p , 00 q ) to state ( v , p , q ). Then according to Eq. (A2.8), the relationship 

between specific volume and stress state is 

 

 00 ln
~

Nv p   (A2.9) 

 v N ln p 
 

  


 (A2.10) 

 

During that stage, the volumetric strain v  (compression is positive) is  
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Meanwhile, according to the assumption 

 e p
v v v     (A2.12) 

and the elastic component of volumetric strain e
v  expressed by swelling index ~  

 
00

ln
v

~

p

pe

v






  (A2.13) 

therefore, the plastic component of volumetric strain p
v is 

    
0 0

1
( , ) ln

v

p
v

q p
f p q f

p p
  

    
       

    
σ  (A2.14) 

 

Here,    ,f p q f  σ  employs the same f  for simplicity. Eq. (A2.14) means that 

the hardening of fully remolded and normally consolidated clay is determined by the 

plastic volumetric strain p
v . In addition, it is also the yield function of Cam-clay model. 

Although the volumetric change in Eq. (A2.7) is related with the dilatancy, Eq. (A2.14) 

is fundamentally concluded from the two v - ln p  relationships ( loge p  relationship) 

in Eqs. (A2.3) and (A2.4) and the soil mechanics obtained from Eq. (A2.14) can be 

called loge p  soil mechanics (Asaoka et al., 2002). 

 

(2) Plastic potential and associated flow rule  

Henkel (1960) had carried out a series of drained and undrained triaxial compression 

and extension tests employing fully remolded and isotropically consolidated Weald clay. 

Figure A2.5 depicts the iso-water-content curves measured from drained and undrained 

tests on effective stress space and there is no crossover point among the 

iso-water-content curves. Figure A2.6 shows the iso-water-content curves if they are 

redrawn on the q - p  space. Because the soil is saturated, variation of water content 

can be interpreted as the specific volume change and it can be concluded from Henkel’s 

experiments that once the stress state ( p , q ) is prescribed, the specific volume v  can 

be determined uniquely. Moreover, if the relationship between stress state and specific 

volume is drawn in v - p - q  space, the roscoe surface is obtained, which is 

demonstrated by Eq. (A2.8). 
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Eq. (A2.14) determines the volumetric change of fully remolded and normally 

consolidated clay only by the initial stress state and final stress state, which can be 

understood that the volumetric strain is path-independent. If the assumption that the 

volumetric strain can be divided into elastic and plastic components as shown in Eq. 

(A2.12), notice the elastic volumetric change is path-independent in Eq. (A2.13) and 

therefore plastic volumetric change in Eq. (A2.14) is also path-independent and only 

determined by the initial and final stress states, which can be analogous to the concept 

of potential in mathematics. Therefore the plastic potential surface of Cam-clay model 

can be expressed by Eq. (A2.14) and the following associated flow rule 

 
σ

ε





fp   ( 0)   (A2.15) 

 

Fig. A2.5  Iso-water-content curve (after Henkel14), 1960) 

 

 

Fig. A2.6  Iso-water-content curve on q - p  space (after Henkel14), 1960) 
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is adopted. Here,   is the plastic multiplier and 0   when loading. p
ε  is the 

plastic strain rate tensor and the strain rate ε  (compression is positive) is assumed to 

divide into elastic component e
ε  and plastic component p

ε , 

 e p ε ε ε   (A2.16) 

As f  is the isotropic scalar function related with the invariants of σ   (as well as p  

and q ), the stress direction and plastic strain rate is coaxial. In order to understand the 

isotropy of  σ f , the following equations that is equivalent to Eq. (A2.15) are given 

 

p
v

p
s

f

p

f

q

 

 


 


 

 

  (A2.17) 

where p

v  is the plastic volumetric rate, p

s  is the plastic shear strain and they are 

defined by 

 
2 1

tr (tr )
3 3

p p p p p p p p
v s     ， ，ε e e e ε ε I   (A2.18) 

If p

v  and p

s  is drawn in the p q   space, as shown in Figure A2.7 they are found 

to be the compression component and shear component of the plastic strain rate vector 

(that is the outward normal direction of plastic potential surface). 

 

It is convenient to understand the results of triaxial compression tests by expressing the 

associated flow rule in the p q   space, for example as mentioned above that the 

plastic volumetric strain rate is zero at the critical state ( 0p
v  ), that is 

 
M

0

q p

f

p






 (A2.19) 

according to Eq. (A2.14), there is a relationship between the material constants, 

  ~~
  (A2.20) 
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(3) Plastic compression and plastic expansion 

The concrete form of the first equation in Eq. (A2.17) can be rewritten by simple 

calculation 

 
D

Mp
v

q

p p
 

 
  

  
 (A2.21) 

from which it can be seen that there would be plastic compression below the CSL 

pq   and plastic expansion above the CSL pq   in the p q   space. Here 

0v/)~~
(D    is called dilatancy coefficient. The same conclusion can also be easy 

to read from Figure A2.7. The volumetric change of soil expressed by Cam-clay model 

when loading ( 0  ) can be classified as the following regions, 

 

0 when plastic compression

0 when no plastic volumetric change 

0 when plastic expansion

p
v

p
v

p
v

q p

q p

q p







 

 

 

 (A2.22) 

which is illustrated in detail in Figure A2.8.  

 

 

 

Fig. A2.7 Decomposition of plastic strain rate vector 
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Fig. A2.8 Decomposition of plastic strain rate vector 

 

 

 

 

 

 

 

 

 

 

図 A3.8 pq  より下側での塑性圧縮と上側での塑性膨張 
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(4) Hardening and Softening 

When we take the total derivative of Eq. (A2.14), the compatibility condition will 

be obtained 

 
p

v

f f
p q

p q


 
 

 
 (A2.23) 

Substitute Eq. (A2.21), then the plastic multiplier   is expressed as 

 
D

M

f f f f
p q p q

p q p q

f q

p p p



   
  

    
 

  
    

 (A2.24) 

The numerator of Eq. (A2.24) represent the inner product of outward normal vector 

 
T

,f p f q     of plastic potential surface and stress rate vector T( , )p q . The stress 

rate vector will point toward the outside of plastic potential surface if the numerator is 

positive and point toward inside of the plastic potential surface if the numerator is 

negative. When loading ( 0  ), the sign of numerator and denominator in Eq. (A2.24) 

should be the same. Therefore, when the current stress state is below the CSL )( pq   

the subsequent yield surface will enlarge (hardening) and when the current stress state is 

above the CSL )( pq   the subsequent yield surface will reduce (softening), that is 

the loading condition of Cam-clay model can be divided into three kinds, 

 

 

0 when hardening

0 when perfectly plastic

0 when softening

f f
p q q p

p q

f f
p q q p

p q

f f
p q q p

p q

 
   

 

 
   

 

 
   

 

 (A2.25) 

Fig. A2.9 illustrates the enlargement and reduction of subsequent yield surface, 
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Notice that there is no correspondence that hardening occurs when q  increases and 

softening occurs when q  decreases. Some special situations such as T
(2)( , )p q  in 

Figure A2.9 would appear during hardening or softening.  

 

Until now we investigate the aspects of plastic compression/expansion and 

hardening/softening when the loading behavior of Cam-clay model is considered. It is 

also helpful to understand the relationship from Figures A2.8 and A2.9. Therefore the 

characteristics of Cam-clay model, as shown in Figure  A2.10, is briefly concluded as, 

(1) Hardening always accompanying plastic compression and softening always 

accompanying plastic expansion; 

(2) The watershed between hardening and softening is same as watershed between 

plastic compression and plastic expansion, which is the CSL q p  on p q   

space; 

(3) The slope of CSL,   keeps constant when loading. 

 

 

(a) Plastic potential surface enlarge (hardening)  (b) Plastic potential surface reduce (softening) 

Fig. A2.9 Hardening below pq   and softening above pq   

 

 

 

 

 

 

 

 

 

  (a) 塑性ポテンシャル面の拡大（硬化）    (b) 塑性ポテンシャル面の縮小（軟化） 
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(5) Constitutive equation and loading criterion 

The constitutive equation of Cam-clay model will be derived based on the 

elastoplastic theory. Take total derivative of Eq. (A2.14), that is the compatibility 

condition, is rewritten as 

 
p

v

f



 


σ

σ
 (A2.26) 

Considering the associated flow rule (Eq. A2.15), the plastic multiplier   can be 

expressed by the effective stress rate σ , 

 




















σ

σ
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f

f

tr



  (A2.27) 

As for the elastic strain rate, if linear incremental elasticity is assumed, then 

 1e  ε E σ  (A2.28) 

where E  is the elastic coefficient tensor. Substitute the inverse relationship of the 

above equation and Eq. (A2.16) into Eq. (A2.27) and use the associated flow rule of Eq. 

(A2.15) once again, the plastic multiplier   expressed by the strain rate ε  is 

 

σ
E

σσ

εE
σ




























fff

f

tr



  (A2.29) 

 

 

Fig. A2.10 Hardening below pq   and softening above pq   

 

 

 

 

 

 

 

 

 

図 A3.10 カムクレイモデルの表現できる挙動 
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Here   is same as   in Eq. (A2.27). Then the rate-type elastoplastic constitutive 

equation of Cam-clay model can be expressed by using   as 

 ( )e p f
      


σ E ε E ε ε E ε E

σ
 (A2.30) 

According to the loading condition, the elastic response of Eq. (A2.28) and elastoplastic 

response of Eq. (A2.30) can be employed correspondingly. Notice that the second term 

of the denominator is positive and the denominator is positive for most of soil 

parameters. In general, the material constants that enable the denominator of Eq. 

(A2.29) to be positive at arbitrary stress state is called Cam-clay parameters (Asaoka et 

al., 1994). Then the loading condition 

 0   (A2.31) 

is uniquely determined by the numerator of Eq. (A2.29), and the loading criterion 

becomes 

 

Loading when 0

Unloading when 0

p

p

f

f


   


  

 

( )

( = )

D 0 Eε
σ

D 0 Eε
σ

 (A2.32) 

If the loading criterion is written by the strain rate, it is necessary to distinguish the 

softening and unloading. When softening occurs, the current stress state will move 

toward the inside of the yield surface and the subsequent yield surface will also reduce, 

as shown in Figure A2.9. However when unloading occurs, even thought the current 

stress state also moves toward the inside of yield surface, the yield surface doesn’t move. 

In Cam-clay model, because the stress state after unloading locates inside the yield 

surface it is assumed to be elastic response when reloading until the current stress state 

reaches the previous yield surface.  
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(6) Modified Cam-clay model 

As can be seen, Eq. (A2.6) is obtained from Eqs. (A2.3) and (A2.4) by linear 

interpolation, if the following interpolation relation 

 


















2

22

ln
2ln

N)(


x  (A2.33) 

 is adopted, the modified Cam-clay model can be acquired. Compared with the original 

Cam-clay model of Eq. (A2.14), the yield function of modified Cam-clay model is 

 
2 2

2
0 0

1 ( )
( , ) ln ( ) ln ( )

v ln 2

p
v

q p p
f p q f

p
  

        
       

    

σ  (A2.34) 

Correspondingly, the relationship between material constants as shown in Eq. (A2.20) 

will be  

 ln 2( )      (A2.35) 

The plastic potential surface is half-elliptical as shown in Figure A2.12. It successfully 

solves the disadvantage of original Cam-clay model that the gradient of yield function 

( )f σ  in plastic volumetric direction is not zero when the stress state is isotropic ( 0q ). 

The other characteristics such as hardening accompanying plastic compression below 

CSL and softening accompanying plastic expansion above CSL is exactly same as the 

original Cam-clay model. More details about modified Cam-clay model can refer Muir 

Wood (1955). 

 

 

Fig. A2.11 Unloading (yield surface keeps still) 

 

 

 

 

 

 

 

 

 

 

図 A3.11 除荷（動かずに止まったままの降伏面） 
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A 2.3 LIMITATION OF CAM-CLAY MODEL AND ITS MODIFICATION 

The mechanical characteristics of soil mainly depend on the three individual factors: 

density, water content and soil skeleton (Mikasa, 1964). When the research objects are 

saturated soils, the density has the same meaning as water content as well as specific 

volume (void ratio). According to Eq. (A2.8) that is used to deduce the yield function of 

Cam-clay model employing fully remolded and normally consolidated soil and Figure 

(A2.5) that is obtained based on fully remolded and normally consolidated soil by 

Henkel, once the stress state is determined, the density (or specific volume) is also 

known. Therefore, it is no exaggeration to say that the mechanical response of saturated, 

fully remolded and normally consolidated soil is determined by its density or water 

content. On the other hand, it is well-known that mechanical response of naturally 

sedimentary soil is quite different from that of fully remolded and normally 

consolidated one, the reason of which, using the words of Mikasa, lies in the different 

degrees of soil skeleton. Thus, in this section the detailed meaning of soil skeleton 

including overconsolidation, structure and anisotropy will be exampled in order to 

illustrate the limitation of Cam-clay model. And in the next section, an elastoplastic 

constitutive model that includes overconsolidation, structure and anisotropy will be 

presented. 

 

(1)  Loss of overconsolidation 

Figure A2.13 shows the typical results of drained triaxial compression test using 

fully remolded and overconsolidated clay. Since the experimental results of Bishop and 

Henkel (1962), it is well-known for the researchers that after hardening, there will be 

softening together with certain volumetric changes from compression to expansion, 

namely positive dilatancy. Notice that for the drained triaxial tests under constant cell 

 

 

Fig. A2.12 Yield surface of modified Cam-clay model 

 

 

 

 

 

 

 

 

 

図 A3.12 修正カムクレイモデルの降伏面の形状 
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pressure, if the deviator stress q  increases, the plastic potential surface enlarges, that is 

hardening and if the deviator stress q  decreases, the plastic potential surface reduces, 

that is softening. As can be seen, the result is divided into three regions, A B and C. The 

left boundary of region B is determined by the beginning of volumetric expansion and 

the right boundary is determined by the point where stress state becomes softening from 

hardening. For the region B in Figure A2.13, it is obvious that there is volumetric 

expansion accompanying hardening. 

 

However, the behavior of region B cannot be clarified clearly by Cam-clay model. 

Considering that the overconsolidation of clay specimen is produced by unloading, the 

stress point is initially inside the yield surface and after loading until region B, the 

current stress state maybe still inside the yield surface. Therefore, there will be only 

elastic response in region B. Meanwhile referring the stress path in p q   space, p  

in region B is successively increasing, which should result in elastic volumetric 

compression if elastic response is confirmed. However, in region B there is volumetric 

expansion, which indicates that there should be plastic volumetric expansion and this 

plastic expansion is larger than elastic compression in region B. In brief, the following 

conclusions can be obtained: (1) inside the yield surface it is elastoplastic response 

instead of elastic response; (2) as q  increases, there is the possibility of hardening 

together with plastic expansion. Even if in region B the stress state reaches the yield 

surface, that is returning to the normal consolidation state, there is still plastic expansion 

accompanying hardening when the stress state is above CSL. Cam-clay model cannot 

explain the phenomenon of both (1) and (2).  

 

The calculation result of overconsolidated clay determined by Cam-clay model is shown 

in Figure A2.14 to give a further explanation, which is quite different from the practical 

result. According to Cam-clay model, the larger the overconsolidation ratio (OCR) is, 

the farer the distance between the initial stress state and the yield surface is. Then, when 

the overconsolidated clay is reloaded with the assumption that the yield surface keeps 

still, there is only elastic compression due to the elastic response before the current 

stress state reaches the yield surface. After the stress state reaches the yield surface, 

elastoplastic response occurs based on Cam-clay model. But the current stress state is 

already above CSL and according to Cam-clay model softening accompanying plastic 

expansion should occur, which corresponds to the sudden decrease in q  and increase 

in v  in Figure A2.14. The behavior of overconsolidated clay in (2), that is plastic 

expansion accompanying hardening, cannot be reproduced by Cam-clay model.  

 

In order to reproduce the behavior of overconsolidated clay faithfully, it is necessary for 
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the proposed model to 

(1) allow elastoplastic response when the current stress state is still inside the yield 

surface; 

(2) allow plastic expansion accompanying hardening when the current stress state is 

above CSL; 

which can be perfectly solved by introducing the concept of “Subloading yield surface” 

proposed by Hashiguchi (1989) into Cam-clay model. The Subloading yield surface that 

always passes through the current stress state possesses the similar shape to normal 

yield surface (Cam-clay yield surface) with center of similarity of the original point and 

ratio of similarity of R  which is the reciprocal value of OCR, as shown in Figure 

A2.15. As the plastic deformation progresses, the Subloading yield surface will 

gradually approach to the normal yield surface and finally these two surfaces combine 

into one by giving an evolutional rule to the ratio of similarity R . According to 

Prager’s consistency condition (Druker and Prager, 1952), the plastic multiplier is 

represented by the current stress and the similarity ratio R . Usually, R  is always 

smaller than 1, which means that the Subloading yield surface should not be outside of 

normal yield surface and when the two yield surfaces become one ( R =1), the 

subsequent response follows Cam-clay model. In addition, during the process of 

approaching to the normal yield surface, the normal yield surface also increases or 

decreases due to the plastic deformation, which can reproduce the actual reloading 

behavior of soils as shown in Figure A2.16. Therefore, the concept of Subloading yield 

surface is able to reasonably demonstrate the converting process of overconsolidated 

soil into normally consolidated soil when loading. Particularly speaking, (1) plastic 

deformation inside the normal yield surface is possible; (2) plastic expansion together 

with hardening above CSL is also possible. Notice that Cam-clay model is only 

applicable for the loading and unloading of normally consolidated soil and it is not 

denial but leap of Cam-clay model for introducing Subloading yield surface.  
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Fig. A2.13 Drained behavior of overconsolidated clay 
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Fig. A2.14  Drained behavior of overconsolidated clay calculated by Cam-clay model 
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Fig. A2.15 Subloading Cam-clay model 
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(2)  Decay/collapse of soil skeleton structure 

Figure A2.17 shows the result of standard consolidation test of naturally 

sedimentary clay with highly structure. The line in Figure A2.17 represents the normal 

consolidation line (NCL) of fully remolded clay obtained from standard consolidation 

test. In terms of Cam-clay model, the area above the normal consolidation line is an 

impossible region, in other words, it ought to be impossible for a soil to assume this sort 

of state. But in face we see that the highly structured clay can very well occur in as state 

of this kind that is not possible for the remolded soil.  

 

As can be seen in Figure A2.17, compared with the fully remolded clay without 

structure, the highly structured clay can sustain larger load when the void ratio is same 

and similarly it can possess larger void ratio when the loading is same. Therefore the 

highly structured clay is more “bulky”. 

 

It can also be seen from Figure A2.17 that as the compression load increases, the highly 

structured soil gradually approaches to the non-structure state (NCL of fully remolded 

clay) from the impossible region. Such phenomenon can be clarified by the decay/ 

degradation of structure accompanying plastic deformation when loading.  

 

Together with the above mentioned overconsolidation, Cam-clay model can only 

describe loading and unloading of the soil under the state: 

(1) fully remolded without any structure; 

(2) normally consolidated with complete loss of overconsolidation. 

 

Asaoka, Nakano and Noda (1998,2000), based on the mechanical behavior of highly 

 

   

(a) enlarge of yield surface due to hardening (b) diminish of yield surface due to softening 

 

Fig. A2.16  Elastoplastic response and loss of overconsolidation when reloading 
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structured soil in the impossible region, introduced the Superloading yield surface that 

locates outside of the normal yield surface (Cam-clay yield surface) to describe the 

structure of soil. Analogically, original point denotes the center of similarity of two 

surfaces and the similar ratio is represented by *R , the reciprocal value of which stands 

for the degree of soil structure. If the Subloading yield surface is also considered, it is 

set up inside the Superloading yield surface and the similar ratio R  which represents 

the reciprocal of OCR means the ratio of Subloading yield surface to Superloading yield 

surface, as shown in Figure A2.18. Those three similar yield surfaces will gradually 

become one as the plastic deformation progresses. By defining evolutional rules of *R  

and R  for the decay of structure and loss of overconsolidation, 

Superloading/Subloading yield surface Cam-clay model is able to describe the 

responses of all the soils instead of fully remolded and normally consolidated clay.  

 

 

 

 

Fig. A2.17 One-dimensional compression behavior of naturally sedimentary clay (after 

Asaoka et al., 2007) 
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Figure A2.19 illustrates the undrained behavior of naturally sedimentary clay with high 

structure. The line in p - q  space represents CSL of fully remolded and normally 

consolidated clay. As can be seen, mean effective stress p  keeps decreasing all the 

time, which corresponds to the elastic volumetric expansion. According to the 

constant-volume condition of undrained tests, there should be plastic volumetric 

compression to compensate the elastic expansion. Consequently, there will be plastic 

compression together with softening below CSL, which cannot be explained by 

Cam-clay model in which there should be always plastic compression together with 

hardening.  

 

From Figures A2.17 and A2.19, in order to clarify the behavior of soils with high 

structure, it is necessary for the constitutive model to 

(1) describe the state in impossible region defined by the fully remolded soil; 

(2) allow plastic compression and softening below CSL; 

and it can be solved by introducing Superloading yield surface. 

 

In the next section, based on the loss of overconsolidation and decay of structure during 

plastic deformation, the slope of watershed between hardening and softening Ms , 

which corresponds to M  in Cam-clay model, will become larger sometimes or smaller 

sometimes. When the slope of soil becomes still, it is called “dead soil”. If the soil is not 

“dead” but “live”, it means that there is still certain residual overconsolidation, structure 

or both of them left. As the loading progresses, the loss of overconsolidation and decay 

of structure develop due to the plastic deformation and Ms will rise or fall 

 

 

 

Fig. A2.18 Super/Subloading yield surface Cam-clay model 

 

 

 

 

図 A3.18 上・下負荷面カムクレイモデル 
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correspondingly, which will make it possible that plastic expansion accompanies 

hardening or plastic compression accompanies softening. Figure A2.20 shows the two 

possibilities respectively, where 

Mq p   : borderline of plastic compression and plastic expansion, M  is constant; 

Msq p  : borderline of hardening and softening, Ms  is changing.  

 

 

(3)  Anisotropy 

Even though the concept of Superloading yield surface and Subloading yield 

surface has been introduced into Cam-clay model, it is still impossible to describe the 

behavior of anisotropy. By introducing Sekiguchi-Ohta model and the rotational 

 

 

 

Fig. A2.19 Undrained behavior of naturally sedimentary clay with high structure 
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Fig. A2.20 Watersheds of plastic compression/plastic expansion and hardening/softening 
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hardening rule of Hashiguchi, Asaoka et al. proposed a three yield surface which can 

rotate to express the anisotropy (Figure A2.21). Notice that this model is based on the 

modified Cam-clay model instead of the original Cam-clay model. Because the plastic 

potential surface also rotates as the plastic deformation develops, not only the watershed 

of hardening and softening Ms  but also the watershed of plastic compression and 

plastic expansion Ma  will change. And if the anisotropy is considered, the model 

becomes non-coaxial. The details about this model will be demonstrated in the next 

section.  

 

A2.4 SUPERLOADING/SUBLOADING YIELD SURFACE (SYS) CAM-CLAY MODEL 

In this section, the constitutive equation of SYS Cam-clay model will be presented by 

concretely defining the evolutional rules of overconsolidation, structure and anisotropy 

respectively. The concepts of structure, overconsolidation and anisotropy are based on 

the Superloading yield surface (Asaoka et al., 2002), Subloading yield surface 

(Hashiguchi, 1989) and Sekiguchi-Ohta model (1977) together with rotational 

hardening rule (Hashiguchi, 1998). In the following, all the equations are based on the 

finite deformation theory that satisfies the objectivity.  

(1)  Decomposition of stretching D  and plastic volumetric strain 

The stretching D  of soil skeleton is assumed to be divided into the sum of elastic 

component of e
D  and plastic component of p

D  as: 

 e p D D D  (A2.36) 

In addition, the volumetric change V  of the arbitrary domain of soil skeleton from 

the reference time ( t =0) to current time ( t = t ) can be expressed by the following 

equation: 

 

Fig. A2.21  Super/Subloading yield surface Cam-clay model with rotational hardening 
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 (A2.37) 

Here, J  is the Jacobian determinant of deformation gradient F  and can be expressed 

by the specific volume 0v  (=1+ 0e ) at reference time and specific volume v  (=1+ e ) 

at current time: 

 
0

1 e

1+e
J


  (A2.38) 

0
( tr )

t

J d D  represents the volumetric change (compression amount) per unit volume 

at reference time and current time, which can be regarded as the general volumetric 

strain (compression is positive). According to Eq. (A2.36), the volumetric strain is 

approximately divided into elastic component and plastic component as: 

 
0 0 0
( tr ) ( tr ) ( tr )

t t t
e pJ d J d J d       D D D  (A2.39) 

When modified Cam-clay model is extended by finite deformation theory, the plastic 

volumetric strain that corresponds to the plastic potential surface and yield surface is 

replaced by 
0
( tr )

t
pJ d D  instead of p

v  in infinitesimal deformation theory.  

(2)  Yield surface of modified Cam-clay model employing *  (Sekiguchi and 

Ohta, 1977) 

Figure A2.22 gives the triaxial compression and extension result of soils with and 

without initial anisotropy. When there is no initial anisotropy, the results of triaxial 

compression and triaxial extension are same. However, when there is initial anisotropy, 

the results become different and the compression strength seems to be larger. It should 

also be noticed that by judging the increase/decrease of mean effective stress p , the 

borderline between plastic compression and plastic expansion Ma  becomes larger if 

the initial anisotropy exists.  

 

In order to explain 1) difference in compression and extension strength 2) difference in 

Ma  when the initial anisotropy exists, an effective way is to rotate the plastic potential 
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surface respect to p -axis, as shown in Figure  A2.23. 

 

 

 

Fig. A2.22 Triaxial compression/extension result of soils with/without initial anisotropy 
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(a) Modified Cam-clay yield surface               (b) Rotated yield surface 

Fig. A2.23 Rotation of modified Cam-clay yield surface 
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Next we will explain why the rotation of yield surface can describe the above two points. 

As shown in Figure A2.24, when there is no rotation of yield surface, once loading the 

soil response will directly go to elastoplastic behavior from the initially isotropic stress 

 

(a) Elastoplastic response and modified Cam-clay yield surface before rotation 

 

 

(b) Elastic response and modified Cam-clay yield surface after rotation 

 

 

(c) Elastoplastic response and modified Cam-clay yield surface after rotation 

 

Fig. A2.24 Modified Cam-clay yield surface before and after rotation 
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state. However, when the rotation of yield surface is introduced, if the stress state is still 

initially isotropic there will be only elastic response once loading. And the elastic 

response would continue until the stress state reaches the central axis of rotation, after 

which elastoplastic behavior begins to occur. Compared with elastoplastic response, the 

elastic response can provide larger strength and therefore the difference in strength is 

reproduced.  

 

Another fact that modified Cam-clay model instead of original Cam-clay model is 

adopted is clarified in Figure A2.25. As can be seen, for the original Cam-clay model 

there are some exactly same part for the yield surface before and after rotation, which 

results in the same borderline of plastic compression and expansion before and after the 

rotation ( M = Ma ). While if the modified Cam-clay yield surface is adopted, the slope of 

borderline between plastic compression and expansion Ma  after rotation becomes 

larger than M  before rotation, which corresponds well to the practical experimental 

results.  

 

Now that the anisotropy can be described by rotated modified Cam-clay yield surface, 

the concrete treatment will be given in the following. According to Eq. (A2.34), the 

stress ratio   (= q p ) is defined by the following equation based on Critical State soil 

mechanics: 

 ηη 
2

3
  (A2.40) 

In order to represent the rotation of yield surface,   is replaced by *  proposed by 

Sekiguchi and Ohta (1977): 

 

   

(a) Rotation of original Cam-clay yield surface   (b) Rotation of modified Cam-clay yield surface 

Fig. A2.25 Rotation of original and modified Cam-clay yield surface 
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 ηη ˆˆ
2

3*   (A2.41) 

where 

 
3 1

ˆ , , , , tr
2 3

q p p
p

           


S
η η β η S S S T I T  (A2.42) 

Here T   is effective Cauchy stress tensor (tension is positive), S  is deviator stress 

tensor, I  is unit tensor and β  is the tensor named rotational hardening variable. The 

extent of anisotropy (rotation extent of plastic potential surface) is represented by  , 

 ββ 
2

3
  (A2.43) 

 

The plastic potential of modified Cam-clay model after introduction of *  is given by 

the following equation. When T   and β  are under axial-symmetric condition, the 

plastic potential surface can be drawn in Figure A2.26 in which the plastic potential 

surface rotates respect to the axis of hydrostatic pressure. 

 

 
2 *2

*

2 0
0

( , ) MDln MDln ( tr )
t

pp
f p J d

p


 

  
    

   D  (A2.44) 

Here, D represents the dilatancy coefficient, and can be expressed by 
~

, ~ ,  , 0v  

as: 

 

 

Fig. A2.26 Modified Cam-clay yield surface after introduction of *  (Seikiguchi and Ohta, 

1977) 
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0v

~~

D






 (A2.45) 

0p  in Eq. (A2.44) is determined by the intersecting point between the initial yield 

surface and the central axis of normal yield surface q p  . In addition, the relation 

between   and   is given by: 

 ( )ln 2      (A2.46) 

As mentioned above, the plastic potential of soil with anisotropy can be represented by 

replacing   with * . The development of anisotropy progresses as the plastic 

deformation increases (stress-induced anisotropy) and the co-rotational velocity of β , 

which is the function of plastic stretching, follow the definition of Hashiguchi and Chen 

(1998).  

(3)  Superloading yield surface and Subloading yield surface 

Considering that naturally sedimentary soil is generally with structure and 

overconsolidation, the concept of Superloading/Subloading yield surface is introduced. 

Here, Superloading yield surface and Subloading yield surface is similar to the normal 

yield surface (modified Cam-clay model) where the center of similarity locates at the 

original point in q - p  space. In addition, Superloading yield surface always locates 

outside of normal yield surface and Subloading yield surface always locates inside of 

Superloading yield surface. If the stress state located on normal yield surface is 

expressed by T  and stress states located on Superloading and Subloading yield 

surfaces are expressed by T  and T  respectively, Eq. (A2.44) can be rewritten as:  

 

 

*

0

2 *2

2 0
0

( , ) tr

MDln MDln tr 0

t
p

t
p

f p J d

p
J d

p

 




 

  
   

 





D

D

 (A2.47) 

where 0p  is the intersection between the normal yield surface and the central axis of 

normal yield surface q p  . 

Assuming the similar ratio of normal yield surface to Superloading yield surface is *R  

( *0 1R  ), then 
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(A2.48) 

Substitute it into Eq. (A2.47), the yield function of Superloading yield surface will be 

expressed as: 

 

* *

0

2 *2
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( , ) MDln tr
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D

D

  (A2.49) 

and Figure  A2.27 gives the two yield surfaces. 

 

Analogically, the similar ratio of Subloading yield surface to Superloading yield surface 

is assumed to be R  ( 0 1R  ), then 

 

 

Fig. A2.27 Superloading yield surface and normal yield surface 
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(A2.50) 

Substitute it into Eq. (A2.49), the yield function of Subloading yield surface can be 

expressed as: 

 

* *
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D
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  (A2.51) 

and Figure A2.28 gives the three yield surfaces. In addition, the reciprocal of *R  

represents the degree of structure and reciprocal of R  represents OCR.  

 

(4)  Associated flow rule and compatibility equation 

The plastic deformation is assumed to follow the associated flow rule as 

 

 

 

Fig. A2.28 Superloading/Subloading yield surface and normal yield surface 
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T

D





fp   ( 0)    (A2.52) 

Where   is the plastic multiplier. According to the plastic theory and Prager’s 

consistency condition: 

 
*

*
tr MD MD 0pf f R R

J
RR

 
      

 
T β D

T β
 (A2.53) 

The magnitude of subsequent plastic potential surface can be determined if the 

evolutional rates of anisotropy, structure and overconsolidation  , *R  and R  are 

prescribed. Here, the co-rotational rates  T  and   of T  and β  are adopted and 

Eq. (A2.53) is rewritten as: 

 

 
*

*
tr MD MD 0pf f R R

J
RR

 
      

 
T β D

T β
 (A2.54) 

Where 

 TΩΩTTT  


 (A2.55) 

 ΩββΩββ  


 (A2.56) 

Here, Ω  is called material spinning. When Green-Naghdi rate is employed as the 

co-rotational rate, T
RRΩ   in which R  represents the rotation tensor derived from 

the polar decomposition of deformation gradient F  and “T” means transpose. 

(5)  Evolutional rules of overconsolidation, structure and anisotropy 

From Eq. (A2.54), it is necessary to define the evolutional rules of 

overconsolidation, structure and anisotropy in order to determine the magnitude of 

subsequent yield surface. Assuming that all the evolutional rules are related with plastic 

deformation, the material time derivative of *R  and R  ,and the co-rotational rate of 

β  are positive scalar functions involved with plastic stretching. The evolutional rules, 

based on the various types of soil, are also different, which can determine different 

mechanical responses. Therefore, the evolutional rules are so important that they are 

called “the second constitutive equation”.  
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(5-1) Evolutional rule of overconsolidation 

The evolutional rule of overconsolidation is assumed to be involved with plastic 

deformation, specifically the norm of plastic stretching ppp
DDD  , and R  is 

given by the following equation, 

 
pJUR D  (A2.57) 

Here U  that is a positive scalar function is related with R  and as shown in Figure 

A2.29 it also satisfies requirement in Eq. (A2.58), 

 
when 0

0 when 1

U R

U R

  

 
 (A2.58) 

The first equation in Eq. (A2.58) means that when reloading is applied from the state of 

completely unloading ( 0R ), there is only elastic response without elastoplastic 

response as shown in Figure A2.30, which requires that 0p D , that is 

pU R J  D . The second equation means that once the stress state reaches the 

normal yield surface ( 1R  ) there will be no further loss of overconsolidation, which 

requires that 0R  , that is 0pU R J D . According to the definition of Hashiguchi 

(1989), the simplest form of function U  is: 

 R
m

U ln
D

  (A2.59) 

Where m  ( 0 ) the material constant that controls the rate of overconsolidation loss 

and is called normal consolidation index. The larger m  is, the faster the loss of 

overconsolidation is.  
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(5-2) Evolutional rule of structure 

The evolutional rule of structure is also related with the development of plastic 

deformation and it can be divided into two types about clay and sand respectively. 

Figure A2.31 shows the isotropic consolidation results of overconsolidated and 

undisturbed clay and sand with various densities respectively. As can be seen in Figure 

A2.31(a), the consolidation curve gradually approaches to NCL after the stress state 

passes through consolidation yield stress, which means that the decay of structure in 

clay still progresses even though the isotropic consolidation is carried out. However 

from Figure A2.31(b), the consolidation curves keep linear and possess same slope for 

sands with various densities and difference structure, which means that the decay of 

structure in sand is kept when the isotropic consolidation is carried out. Therefore, the 

evolutional rules of structure for clay and sand are: 

 

 

 

Fig. A2.29 Curve of function U  
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図 3.24 U の関数形 
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Fig. A2.30 Reloading from completely unloading state 
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* * pR JU D    for clay 

* * 2

3

p
sR JU D    for sand 

(A2.60) 

Here p
sD  represents the deviator component of plastic stretching and 

1 (tr )
3

p p p
s  D D D I , which corresponds to the fact that the decay of structure for sand 

is independent of the isotropic component of plastic stretching tr p
D . *U  that is a 

positive scalar function is related with *R and is usable for both sand and clay. As 

shown in Figure A2.32, the function *U  should satisfy: 

 

* *

* *

0 when 0

0 when 1

U R

U R

 

 
 (A2.61) 

The first equation in Eq. (A2.61) means that when the structure is infinite ( 0* R ), the 

soil is in a state called colloid and such state can be regarded to be stable without decay 

of structure. The second equation means that once the stress state reaches the normal 

yield surface ( 1* R ), namely the soil returns to be fully remolded state, there will be 

no further decay of structure. Accordingly, one of the options satisfying the above 

requirement is 

 
cb

RR
a

U )1(
D

***   (A2.62) 

Where a , b , c ( 0 ) are material constants that control the rate of structure decay and 

are called structure degradation index. In this paper, 1.0b c   is employed. The larger 

a  is, the faster the decay of structure is. In addition, notice that although R  increases 

once unloading (the soil becomes overconsolidated), *R  still keeps invariable 

(structure is only related with the effect of decay).  
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(5-3) Evolutional rule of anisotropy 

According to Hashiguchi and Chen (1998), the co-rotational rate   of β  

follows the next 4 assumptions. 

(1) The development of anisotropy is independent of the isotropic component of 

plastic stretching and the co-rotational rate of plastic potential surface is 

proportional to the magnitude of plastic deviator stretching, where the norm 

p

sD  is employed. Notice that the extent of anisotropy keeps invariable in case 

of isotropic compression or unloading. 

(2) There should be a limitation for the magnitude of central axis of potential surface 

β , which is given by: 

 

 

(a) clay                           (b) sand 

Fig. A2.31 Isotropic consolidation results of overconsolidated and undisturbed clay and sand with 

various densities (after Nakai, 2005) 
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Fig. A2.32 Curve of function 
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 bmβ  (A2.63) 

Which means that no matter the initial anisotropy exists or not, the final critical state 

should be same. In other words, the rotation of plastic potential surface will stop at 

certain situation, as shown in Figure A2.33. 

 
Here bm  ( 0 ) is material constant and is called limit constant for rotational hardening. 

Eq. (A2.63) is called limit surface for rotational hardening or rotational limit surface. 

 
3

2
bm   (A2.64) 

(3) The central axis of plastic potential surface β  gradually approaches to the line 

ˆ ˆ
bm η η  on the rotational limit surface which is the conjugate line corresponding 

to the line η̂  on the plastic potential surface. In other words, the rotational rate 

  is assumed to have the same direction as that of 

 β
η

η
η 

ˆ

ˆ
bb m  (A2.65) 

and Figure A2.34 gives the detailed description.  

 
(4) For the monotonic proportional loading with constη , i.e. the so-called 

 

Fig. A2.33 Limitation of rotation of plastic potential surface 
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Fig. A2.34 Direction of central axis of plastic potential surface 
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anisotropic consolidation, β  is naturally considered to reach   gradually, 

which leads to ˆ 0 , as shown in Figure A2.35. 

 

In sum, the evolutional rule of β  is given by the following equation, 

 b

p

s
rb

J ηηD β  ˆ 
3

2

D
 


 (A2.66) 

Where rb  is the material constant that controls the rate of the evolution of anisotropy 

and is called rotational hardening index. The larger rb  is, the faster the anisotropy 

develops.  

(6)  Threshold between plastic compression and plastic expansion 

Since the plastic potential surface rotates with ongoing plastic deformation, the 

threshold between plastic volumetric compression and plastic volumetric expansion also 

moves with ongoing plastic deformation. Note that the plastic volumetric strain rate is 

expressed by the following equation, 

  

(1)                                       (2) 

  
(3)                                       (4) 

Fig. A2.35 Development of β  when loading under constη  

O

η

β

η̂
η

η

ˆ

ˆ
b

m

β
η

η
η 

ˆ

ˆ
ˆ

bb
m

回転硬化限界面

塑性ポテンシャル面

中心軸

central axis

plastic potential surface

rotational limit surface

η

β

η̂
η

η

ˆ

ˆ
b

m

β
η

η
η 

ˆ

ˆ
ˆ

bb
m

回転硬化限界面

塑性ポテンシャル面

中心軸

O

central axis

plastic potential surface

rotational limit surface

η

β

η̂
η

η

ˆ

ˆ
b

m

β
η

η
η 

ˆ

ˆ
ˆ

bb
m

回転硬化限界面

塑性ポテンシャル面

中心軸

O

central axis

plastic potential surface

rotational limit surface

η

β

η̂
η

η

ˆ

ˆ
b

m

β
η

η
η 

ˆ

ˆ
ˆ

bb
m

回転硬化限界面

塑性ポテンシャル面

中心軸

O

central axis

plastic potential surface

rotational limit surface



  

 

146 | P a g e  

 

 
2 2

2 *20

D
tr tr tr ( )

( )

t
p p

a

f
J d J J J

p
   




  

        
     D D

Τ
 (A2.67) 

Where 

 2 2 2Ma     (A2.68) 

Then the watershed between plastic compression and plastic expansion in terms of the 

stress ratio is given by a  , which classifies the volume change behavior as follows: 

 

2 2

2 2

2 2

tr 0 when plastic compression

tr 0 when no plastic volumetric change

tr 0 when plastic expansion

p
a

p
a

p
a







  

  

  

D

D

D

 (A2.69) 

Figure A2.36 gives the corresponding explanation. According to Eq. (A2.68), a  

increases as the anisotropy develops ( 3 2 bm  ) and a  decreases as the anisotropy 

reduces ( 0 ). The existence of rotational limit surface for rotational hardening gives 

the following constraint to a : 

 
2 2 2 23

M
2

a bm    (A2.70) 

 

 

 

 

Fig. A2.36 Plastic compression below pq a
  and plastic expansion above pq a
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(7)  Threshold between hardening and softening 

Substituting the evolutional rules given in Eqs. (A2.57), (A2.60) and (A2.66) into 

Eq. (A2.54) and applying the associated flow rule, the plastic multiplier   can be 

expressed as follows: 
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In which Ms  can be given according to clay or sand because the different evolutional 

rules for clay and sand in Eq. (A2.60), when clay 
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When sand 
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 (A2.73) 

Based on the theory of plasticity, when soil is under loading, it holds that 0  . Given 

that   is positive, Eq. (2.71) suggests that =Ms  is the threshold of softening and 

hardening and there exist the following three cases for loading: 
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 (A2.74) 

Figure A2.37 illustrates the detailed response. According to Eqs. (A2.72) and (A2.73), 

when the loss of overconsolidation, decay of structure, development/reduction of 

anisotropy as well as the stress ratio vary due to loading, Ms  also varies. Moreover, 

Ms  also varies as the overconsolidation and stress ratio changes due to unloading. 

M Ms a  if and only if the soil reaches fully remolded and normally consolidated state 

( * 1R  , 1R  ) and the development of anisotropy stops ( ˆ 0η  or b η 0 ). 
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(8)  Constitutive equation and loading criterion 

The elastic response is expressed by 

 e
EDT '



 (A2.75) 

where E  is the elastic coefficient tensor. Substituting the evolutional rules Eqs. 

(A2.57), (A2.60) and (A2.66),  elastic constitutive equation Eq. (A2.75) and 

decomposition of stretching Eq. (A2.36) into the compatibility condition Eq. (A2.54) 

and considering the associated flow rule in Eq. (A2.52), the plastic multiplier   in 

term of stretching will be: 

 

(a) Enlarging of plastic potential surface (hardening) 

 

(b) Diminishing of plastic potential surface (softening) 

Fig. A2.37 Hardening below sq p   and softening above sq p   
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Substitute Eqs. (A2.36) and (A2.52) into Eq. (A2.75), then the elastoplastic constitutive 

equation employing the plastic multiplier   in terms of stretching will be: 

 '
'

f



 


T ED E
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 (A2.77) 

If the elastic response is assumed to obey the non-linear isotropic Hooke’ law, then 
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( )(tr ) 2
3

e eK G G   T D I D  (A2.78) 

Where K  represents the elastic volumetric modulus and G  represents the elastic 

shear modulus. For the soil skeleton when the swelling index is given by   it is 

necessary for Eq. (A2.78) to satisfy: 
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Therefore, K  and G  can be expressed in terms of J  and p : 
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Where v  is Poisson’s ratio.  

When Eq. (A2.78) is employed as the elastic constitutive equation, the concrete form 

of rate-type constitutive equation of SYS Cam-clay model (Eq. (A2.77)) is given by the 

following equation: 

 2 2
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In which 
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Notice that soil parameters that make the denominator of   in Eq. (A2.76) to be 

positive for arbitrary stress state is called Cam-clay parameters (Asaoka et al., 1994), 

then the loading criterion 
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 0   (A2.83) 

can be rewritten simply in terms of the numerator of   as follows: 
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(9) Additional evolutional rule of structure 

In the previous definition of evolutional rule of structure, it is assumed that the 

structure is independent of unloading. However, according to the recent researches the 

structure will not decay but increase (upgradation of structure). Then the following 

evolutional rule is adopted: 
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(A2.85) 

Where sc  is a material constant that represents the ratio of plastic shear deformation to 

plastic compression deformation ( 0 1sc  ). 0sc   for clay which means the decay of 

structure is mainly due to compression and 1sc   for sand which means the decay of 

structure is mainly due to shear deformation. 

When there is plastic expansion ( 0p
vD  ) it is possible for *R  to be negative. In other 

words, the upgradation of structure is possible when the plastic volumetric expansion 

exists.  

A2.5 CHARACTERISTICS OF SYS CAM-CLAY MODEL 

In conventional critical state soil mechanics, the critical state stress ratio M  is the 

threshold both for hardening and softening and for plastic volumetric compression and 

plastic volumetric expansion. Therefore, hardening is always associated with plastic 

volumetric compression and softening is always associated with plastic volumetric 

expansion. Furthermore, the threshold value M  is constant throughout the loading 

procedure. However, when the evolutional rules of the soil structure and 

overconsolidation are considered, the threshold between hardening and softening given 

by Ms  is a variable of ongoing plastic deformation. The same is true for the threshold 

between plastic volumetric compression and plastic volumetric expansion. When the 

rotational hardening rule is considered, the evolution of anisotropy gives the threshold 
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Ma  also as a variable of ongoing plastic deformation. Furthermore, Eqs. (A2.72) and 

(A2.73) suggest that it is not always trivial whether Ms  is larger than Ma , or not. In 

other words, hardening is possible even with plastic volumetric expansion and softening 

is also possible during plastic volumetric compression. In this section, the effects of 

structure, overconsolidation and anisotropy will be illustrated one by one with an 

emphasis on the relation between Ms  and Ma . 

The soil parameters employed in the calculation is shown in Table A2.1. 

 

(1)  Effect of overconsolidation (Subloading yield surface) 

Assuming that the soil is under overconsolidation ( 0 1R  ) and fully remolded 

( * 1R  ) state and there is no development of anisotropy ( 0br  ), then the threshold 

between hardening and softening Ms  in Eq. (A2.72) is expressed as follows (although 

only the behavior of clay is discussed, there is no difference when sand is adopted): 

 2 2 *2 2 2 21
M M +MD 6 (M )

3
s a a

U

R
     (A2.86) 

Because U  is a positive scalar function, it is obvious that Ms  is larger than Ma , that 

is: 

 sM Ma  (A2.87) 

In other words, there is a new region where plastic volumetric expansion accompanying 

hardening exists for the fully remolded and overconsolidated soil, as shown in Figure 

 

Table A2.1 Soil parameters of a typical clay 

〈Elastoplastic parameters〉 

Compression index  
~

 0.250 

Swelling index  ~  0.045 

Critical state constant  M  1.25 

Intercept of NCL*  N  2.73 

Poisson’s ratio    0.3 

〈Evolutional parameters〉 

Degradation index of structure a  ( 0.1 cb ) 0.5 

Normal consolidation index m  10.0 

Rotational hardening index  rb    0.001 

Rotational hardening limit constant  bm  1.0 

＊specific volume on NCL of fully remolded when q = 0, p' = 

98.1 kPa   
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A2.38. Based on Eq. (A2.59), the concrete form of U R  is as follows: 

 
1 ln

D

U m R

R R
   (A2.88) 

From Eq. (A2.88), it is obvious that U R  is monotonically decreasing as R  increases 

and becomes 0 when 1R  . Therefore, as the loss of overconsolidation due to ongoing 

plastic deformation develops, Ms  descends gradually toward Ma  and finally keeps 

consistent with Ma . 

 

 

Figure A2.39 presents the simulation result of drained behavior on fully remolded 

and overconsolidated soil, which corresponds to the experimental result shown in 

Figure A2.13. The initial values are shown in Table A2.2. The characteristic for 

overconsolidated soil that expansion together with hardening is clearly shown in Figure 

 

 

 

Fig. A2.38 Change of Ms  based on the effect of Subloading yield surface (plastic expansion 

together with hardening) 
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Table A2.2  Initial values 

Vertical effective stress  '0v (kPa) 98.1 

Structure 01/ *R  1.00 

OCR  0/1 R  8.00 

Anisotropy  0 0 03 2  β β  0.00 

Coefficient of lateral stress  '/' 00 vh   1.00 
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2.39. In other words, as discussed above, Cam-clay model with introduction of 

Subloading yield surface is able to reproduce: 

(1) elastoplastic behavior inside the normal yield surface; 

(2) plastic expansion together with hardening. 

Figure A2.40 illustrates the enlarging/diminishing of Subloading and normal yield 

surfaces and change of borderline between hardening and softening Msq p  in q - p  

space. The corresponding structure *
1 R  and OCR 1 R  at different stages are also 

presented. When 

 M Ma s   (A2.89) 

the behavior of plastic expansion together with hardening does occur. Even thought the 

state of M Ma s   has already reaches just after stage (b), there is total volumetric 

expansion until stage (c) where we should take the elastic volumetric compression due 

to increase of p  into consideration.  

(2)  Effect of structure (Superloading yield surface) 

Assuming that the soil is under highly structured ( *0 1R  ) and normally 

consolidated ( 1R  ) state and there is no development of anisotropy ( 0br  ), then the 

threshold between hardening and softening Ms  in Eq. (A2.72) is expressed as follows 

(the behavior of clay is discussed here): 

 
*

2 2 *2 2 2 2

*

1
M M MD 6 (M )

3
s a a

U

R
      (A2.90) 

Because *U  is a positive scalar function, it is obvious that Ms  is smaller than Ma , 

that is: 

 sM Ma  (A2.91) 



  

 

154 | P a g e  

 

 

 

 

Fig. A2.39 Simulation of drained behavior of fully remolded and overconsolidated soil 
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Fig. A2.40 Enlarging/diminishing of Subloading and normal yield surfaces, and change of Ms  
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In other words, there is a new region where plastic volumetric compression 

accompanying softening exists for the highly structured and normally consolidated soil, 

as shown in Figure A2.41. Based on Eq. (A2.62), the concrete form of * *U R  where 

1b   for simplicity is as follows: 

 
*

*

*
(1 )

D

cU a
R

R
   (A2.92) 

From Eq. (A2.92), it is obvious that * *U R  is monotonically increasing as *R  

increases and becomes 0 when * 1R  . Therefore, as the decay of structure due to 

ongoing plastic deformation develops, Ms  ascends gradually toward Ma  and finally 

keeps consistent with Ma . 

 

 

Figure A2.42 presents the simulation result of undrained behavior on highly structured 

and normally consolidated soil, which corresponds to the experimental result shown in 

Figure A2.19. The initial values are shown in Table A2.3. NCL and CSL are also drawn 

in Figure 2.42. As discussed above, Cam-clay model with introduction of Superloading 

yield surface is able to reproduce: 

(1) the behavior outside of the impossible region of fully remolded soil; 

 

Fig. A2.41 Change of Ms  based on the effect of Superloading yield surface (plastic compression 

together with softening) 
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Table A2.3 Initial values 

Vertical effective stress  '0v (kPa) 294 

Structure 01/ *R  4.59 

OCR  0/1 R  3.80 

Anisotropy  0 0 03 2  β β  0.009 

Coefficient of lateral stress  '/' 00 vh   1.00 
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(2) plastic compression together with softening. 

 

 

 

Fig. A2.42 Simulation of undrained behavior of highly structured and normally consolidated soil 
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Fig. A2.43 Enlarging/diminishing of Superloading and normal yield surfaces, and change of Ms  
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Figure A2.43 illustrates the enlarging/diminishing of Superloading and normal yield 

surfaces and change of borderline between hardening and softening Msq p  in q - p  

space. The corresponding structure *
1 R  and OCR 1 R  at different stages are also 

presented. When 

 M Ms a   (A2.93) 

the behavior of plastic compression together with softening does occur. In addition, as 

can be seen if the soil is under both structured and overconsolidated state, Ms  may be 

above Ma  or below Ma  as the loss of overconsolidation and decay of structure 

develop accompanying ongoing plastic deformation. The details will be discussed in the 

next section about the difference between sand and clay.  

(3)  Effect of anisotropy ( *  and rotational hardening) 

The effect of the evolution of anisotropy upon Ms  and Ma  is clearly observed 

when fully remolded and normally consolidated state ( * 1R  , 1R  ) soil is considered. 

According to Eq. (A2.68), Ma  is always larger than critical state constant M  as long 

as there is anisotropy and the value range of Ma  is determined by Eq. (A2.70).  

On the other hand, Ms  is given by the following equation: 
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2 *2
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2M
bs a br m





   


η β  (A2.94) 

here 
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η β
η β β η β β

η β
 (A2.95) 

then 

 M Ma s  (A2.96) 

Which indicates that hardening is still possible during plastic volumetric expansion 

when the stress ratio satisfies M Ma s  . Since hardening during plastic volumetric 

expansion at high stress ratio is a typical nature of overconsolidated soils, it is called the 

“quasi-overconsolidation effect”. In other words, when high levels of stress-induced 

anisotropy develop, normally consolidated soil still exhibits overconsolidation-like 

behavior at high stress ratio.  

Here, the important thing is that all the effects on the movements of Ms  and Ma  

are the combined effects of the following three factors: decay of the structure, loss of 
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overconsolidation and evolution of anisotropy that occur as plastic deformation 

proceeds.  

A2.6 DIFFERENCE BETWEEN SAND AND CLAY 

(1)  Classification of soil states respect to structure and overconsolidation 

According to the degree of structure and overconsolidation, the soil state can be 

divided into the following 4 categories: 

(1) structured and overconsolidated state          ( 10,10 *  RR ) 

(2) structured and normally consolidated state      ( 1,10 *  RR ) 

(3) non-structured and overconsolidated state       ( 10,1*  RR ) 

(4) non-structured and normally consolidated state   ( 1,1*  RR ) 

Soils under states ①, ② or ③ will gradually approach to and finally reach state ④ 

as the ongoing plastic deformation develops.  

 

Naturally sedimentary soils including clay and sand are generally at state ①, namely a 

highly structured and more or less overconsolidated state, and due to the ongoing plastic 

deformation turn to state ④, namely a normally consolidated state without structure. In 

principle there are two different paths for the soils from the initial state to the final state. 

One is a path passing through an almost normally consolidated state with structure, and 

the other through an overconsolidated state without structure. 

Route C: ①  overconsolidation & structure  ⟶  ②  normal consolidation & 

structure  ⟶  ④ normal consolidation & non-structure 

Route S: ①  overconsolidation & structure   ⟶  ③  overconsolidation & 

non-structure  ⟶  ④ normal consolidation & non-structure 

As can be seen, Route C represents that the loss of overconsolidation is earlier than 

the decay of structure as the ongoing plastic deformation proceeds. Contrarily, Route S 

represents that the decay of structure is earlier than the loss of overconsolidation. 

The conclusion that typical clay is considered to follow Route C and typical sand is 

considered to follow Route S will be presented in advance, which is shown in Figure 

A2.44 (The evolutional rate of anisotropy also influences the behavior of sand and clay, 

but it is out of scope). 
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(2)  Undrained behavior of highly structured and overconsolidated clay and 

medium dense sand 

The above conclusion can be observed from Figures A2.45 and A2.46 which 

depict undrained behaviors of highly structured and overconsolidated clay and medium 

dense sand respectively (assume that both clay and sand are under state ①). As can be 

seen, the behavior of clay follows:  

(I) plastic compression & hardening; (II) plastic expansion & hardening; (III) plastic 

compression & softening; and the behavior of sand follows: 

(I) plastic compression & hardening; (II) plastic compression & softening; (III) plastic 

expansion & hardening; 

 

From section A2.5, it is known that “plastic expansion & hardening” is a typical 

response due to the loss of overconsolidation and “plastic compression & softening” is a 

typical response due to the decay of structure. Therefore, the structured and 

overconsolidated clay under state ① firstly loses the overconsolidation to state ② 

and then degrades the structure until state ④, namely Route C; while the medium dense 

sand under state ① firstly degrades the structure to state ③ and then loses the 

overconsolidation until state ④, namely Route S. 

 

Fig. A2.44 Route C and Route S 
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(3)  Simulation of clay and sand based on SYS Cam-clay model 

In SYS Cam-clay model, the degradation rate of overconsolidation is dominated by 

a parameter m  in the evolution law for R , while the structure decay rate is dominated 

by the parameters a , b  and c  (of which b  and c  generally have a value 1) in the 

evolutional law for *R . Depending on the value differences on these parameters, the 

model is therefore capable of describing a development either on Route C or on Route S. 

In other words, there is no need to provide separate model for clay and for sand. In the 

following, the numerical simulations will be carried out to reproduce the undrained 

shear behaviors of highly structured and overconsolidated clay and medium dense sand 

 

 

Fig. A2.45 Triaxial undrained behavior of highly structured and overconsolidated clay (after 

Asaoka et al., 2000) 
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Fig. A2.46 Triaxial undrained behavior of dense sand 

 (after Nakano et al., 2004) 
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in Figures. A2.45 and A2.46 respectively.  

 

(3-1) Simulation of undrained behavior of highly structured and overconsolidated 

clay 

The elastoplastic parameters and evolution parameters are same as those in Table 

A2.1. Using these evolution parameters, while a rapid loss in overconsolidation per unit 

plastic deformation can be seen, there is virtually no decay in soil structure. The same is 

also evident from the calculation result. Thus, the parameters in Table A2.1 are 

indicative of typical clay. The initial values, prior to subjecting it to an undrained 

triaxial compression test, are shown in Table A2.4, which indicates a highly structured 

and overconsolidated state.  

 

The corresponding undrained behavior employing SYS Cam-clay model is shown in 

Figure A2.47, where the loss of overconsolidation ( 1R  ) develops firstly and then the 

decay of structure ( * 1R  ) slowly proceeds. Another important point is that because of 

the residual structure that remains even after the loss of overconsolidation, the clay in 

the latter half of the test displays a softening behavior together with plastic compression. 

This is called “rewinding” (Tatsuoka and Kohata, 1995), which corresponds to Figure 

A2.45 and Figure A2.48 demonstrates the effective stress path, enlarging/diminishing 

of three yield surfaces and changes of Ma and Ms . Given that initially M Ms a , even at a 

point where 

 M Ma sp q p    (A2.97) 

The clay will still go on exhibiting hardening, in spite of the plastic expansion that 

accompanies this. However, the loss of overconsolidation in the clay then proceeds 

rapidly, and as Ms  steeply decreases to a level where M Ms a , the stress eventually 

comes to a state  

 M Ms ap q p    (A2.98) 

where the behavior switches to softening together with plastic compression. If the 

Table A2.4 Initial values of highly structured and overconsolidated clay 

Vertical effective stress  '0v (kPa) 98.1 

Structure 01/ *R  4.50 

OCR  0/1 R  2.20 

Anisotropy  0 0 03 2  β β  0.00 

Coefficient of lateral stress  '/' 00 vh   1.00 
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plastic deformation is allowed to proceed further, the decay of structure (approach 

between Superloading yield surface and normal yield surface) also develops and Ms  

will rise again. Finally, Ms  will of course settle at M Ms a , and the clay will attain a 

steady state of Maq p . In other words, stress, volume and excess pore water pressure 

will all cease to vary in response to the ongoing development of shear strain at 

Maq p . 

 

 

Fig. A2.47 Simulation of undrained behavior of highly structured and overconsolidated clay 
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Figure A2.49 gives the movement of Ms  of the highly structured and overconsolidated 

clay. As can be seen, the typical clay exhibits plastic expansion accompanying 

hardening firstly and then plastic compression accompanying softening.  

 

 

(3.2)  Simulation of medium dense sand 

The elastoplastic parameters and evolution parameters are shown in Table A2.5. 

Using these evolution rule parameters, it can be seen that while a rapid collapse in 

 

Fig. A2.48 Enlarging/diminishing of three yield surfaces and changes of Ma  and Ms  
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Fig. A2.49 Movement of Ms  
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structure occurs per unit plastic deformation, there is next to no loss in 

overconsolidation. This will also be evident from the calculation. The parameters in 

Table A2.5 are thus indicative of typical sand. The initial conditions of this sand, prior 

to its investigation in an undrained triaxial compression test, are shown in Table A2.6. 

The initial values indicate a highly structured and overconsolidated state and the reason 

why such sand is medium dense sand will be clarified in section A2.7.  

 

The corresponding undrained behavior employing SYS Cam-clay model is shown in 

Figure A2.50, where the decay of structure ( * 1R  ) develops firstly and then the loss 

of overconsolidation ( 1R  ) slowly proceeds. The phenomenon that plastic 

compression together with softening occurs firstly and then plastic expansion together 

with hardening is observed in the latter half of simulation corresponds to the 

experimental result in Figure A2.46. Figure A2.51 demonstrates the effective stress 

path, enlarging/diminishing of three yield surfaces and changes of Ma  and Ms . Given 

that initially M Ms a , even at a point where 

 M Ms ap q p    (A2.99) 

the sand will still go on exhibiting softening , in spite of the plastic compression that 

accompanies this. However, the decay of structure (approach between Superloading 

yield surface and normal yield surface) in the sand then proceeds rapidly, and as Ms  

steeply increases to a level where M Ma s , the stress eventually comes to a state  

 M Ma sp q p    (A2.100) 

where the behavior switches to hardening together with plastic expansion. If the plastic 

deformation is allowed to proceed further, the loss of overconsolidation (approach 

between Superloading yield surface and Subloading yield surface) also develops and 

Ms  will fall again. Finally, Ms  will of course settle at M Ms a , and the sand will 

attain a steady state of Maq p . In other words, stress, volume and excess pore water 

pressure will all cease to vary in response to the ongoing development of shear strain at 

Maq p . 

 

Figure A2.52 gives the movement of Ms  of the medium dense sand. As can be seen, 

compared with the movement of Ms  of the typical clay in Figure A2.49, the typical 

sand exhibits plastic compression accompanying softening firstly and then plastic 

expansion accompanying hardening. 
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Table A2.5  Elastoplastic and evolution parameters of a typical sand 

〈Elastoplastic parameters〉 

Compression index  
~

 0.05 

Swelling index  ~  0.012 

Critical state constant  M  1.0 

Intercept of NCL*  N  1.97 

Poisson’s ratio    0.3 

〈Evolutional parameters〉 

Degradation index of structure a  ( 0.1 cb ) 2.75 

Normal consolidation index m  0.08 

Rotational hardening index  rb    3.50 

Rotational hardening limit constant  bm  0.7 

＊specific volume on NCL of fully remolded when q = 0, p' = 

98.1 kPa   

 

Table A2.6 Initial values of a medium dense sand 

Vertical effective stress  '0v (kPa) 294 

Structure 01/ *R  4.59 

OCR  0/1 R  3.80 

Anisotropy  0 0 03 2  β β  0.009 

Coefficient of lateral stress  '/' 00 vh   1.00 
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Fig. A2.50 Simulation of undrained behavior of medium dense sand 
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Fig. A2.51 Enlarging/diminishing of three yield surfaces and changes of Ma  and Ms  
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The brief conclusion can be summed up as: when the overconsolidated and highly 

structured soil in State ① turns to be normally consolidated and fully remolded soil in 

State ④, the loss of overconsolidation outruns the decay of structure in the typical clay, 

namely Route C as shown next; whereas in typical sand the opposite is true: the decay 

of structure proceeds faster than the loss of overconsolidation, namely Route S as 

shown next. By manipulating the parameters for the rates of evolution of these two 

states of structure and overconsolidation, it becomes possible to reproduce the behaviors 

of typical sands and typical clays by one single constitutive model. 

Route C: ①  overconsolidation & structure  ⟶  ②  normal consolidation & 

structure  ⟶  ④ normal consolidation & non-structure 

Route S: ①  overconsolidation & structure   ⟶  ③  overconsolidation & 

non-structure  ⟶  ④ normal consolidation & non-structure 

 

In addition, it is not impossible to conceive of a soil in which loss of overconsolidation 

and decay of structure might proceed together at the same rate, with the result that the 

state of soil would change directly from ① to ④, without passing through either state 

② or state ③. A clayey sand or a sandy clay might perhaps fit this description. That is 

why the adjective “typical” is attached to clay and sand in the above conclusion 

statement. It is both difficult and unnecessary to draw an absolutely precise dividing line 

between clay and sand.  

 

A2.7 COMPACTION/DENSIFICATION OF LOOSE SAND 

(1)  Mechanism of volume change (compression) that differs from e log p  

Prager’s consistency condition Eq. (A2.54) can be rewritten as: 

 

 

Fig. A2.52 Movement of Ms  
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*

*
( tr ) MD MDp p

v

R R
J f

RR
     D  (A2.101) 

which indicates that 

(1) the decay of the soil structure ( * 0R  , * 1R  ) acts in the direction of the soil’s 

plastic volume compression; 

(2) the loss of overconsolidation ( 0R  , 1R  ) acts in the direction of the soil’s plastic 

volume expansion. 

(3)  

However, plastic compression or plastic expansion is determined by the relationship 

between   and Ma . There is also possibility that the decay of structure accompanies 

plastic expansion and the loss of overconsolidation accompanies plastic compression.  

 

The soil mechanics for volume change obtained from Eq. (A2.14), that is p
v f  , can 

be called “ e-logp ” soil mechanics. The volume change due to decay of structure or loss 

of overconsolidation is regarded to be another volume change mechanism which is 

different from e log p  mechanism. The volume change analysis based on the new 

mechanism including dilatancy will be carried out in the following: 

 

According to the completely inverse process of obtaining Cam-clay model’s yield 

surface or plastic potential surface (Eq. (A2.14)) from Eq. (A2.8), the reverse result that 

is equivalent to Eq. (A2.8) can be obtained from Subloading yield surface (Eq. (A2.51)) 

where the current stress state locates: 

 
2 *2

*

2

M
v N ln ( )ln ( ) ln ( ) ln

M
p R R


      


         (A2.102) 

 

If the 4th and 5th term is removed from Eq. (A2.102), the equation represents the 

roscoe surface of modified Cam-clay model. Therefore, the highly structured soil 

( *0 1R  ) locates the upper side of the roscoe surface. In other words, the stress state 

can reach the impossible region of fully remolded soil. Contrarily, the overconsolidated 

soil ( 0 1R  ) locates the lower side of the roscoe surface. In other words, even if the 

stress state is same, various void ratio will be obtained due to the degree of soil structure 

and the ratio of overconsolidation. From Eq. (A2.102), in order to reduce the void ratio 

(specific volume), it is necessary to make the soil structure decayed or the soil 

overconsolidated.  

 

The densification due to the decay of structure or the increase of overconsolidation may 
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occur in both clay and sand. However, for clay there are a relatively smaller decay rate 

of structure and a larger loss of overconsolidation, and thus the densification through 

large amount of loading or action of unloading is much difficult to realize. For sand, the 

decay of structure is easy to occur and the loss of overconsolidation is difficult, so the 

densification can be realized by small-amplitude repeated loading, which corresponds to 

the compaction of loose sand. As the phenomenon of the densification of drained loose 

sand under repeated shear stress is a complicated thing to grasp, let’s explain it in the 

following with the aid of numerically computated examples obtained from SYS 

Cam-clay model.  

(2)  Compaction/Densification of loose sand under repeated drained shear stress 

application 

It will be recalled that the sand in section A2.6 was initially in a medium dense 

state (State ①), and that the investigation concerned the undrained application of shear 

stress. The sand under consideration here is the same as in section A2.6 (all the 

parameters are same as those in Table A2.5), but its initial state is different, in that 

before undergoing repeated shear stress under drained conditions it is as indicated in 

Table A2.7. The significance of this is that, in the terms of section A2.6, the sand in the 

present test begins in the “normally consolidated and structured state,” namely State ②. 

It will be easy to see that the values in Table A2.7 correspond to the classic initial 

considerations for loose sand.  

 

Table A2.7  Initial values of a loose sand 

Vertical effective stress  '0v (kPa) 294 

Structure 01/ *R  130 

OCR  0/1 R  1.00 

Anisotropy  0 0 03 2  β β  0.00 

Coefficient of lateral stress  '/' 00 vh   1.00 
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A triaxial repeated compression/extension test was performed on the loose sand, under 

drained conditions, at a constant lateral pressure ( 2 3 294    kPa) and a relatively 

low shear stress amplitude q . The deviator stress amplitude is 58.9 kPa. The 

elastoplastic response to this, according to SYS Cam-clay model, can be seen in Figure 

A2.53. The extreme degree of volume compression undergone with the loose sand is 

shown by e p  axes. The two lines drawn in the Figure represents the normal 

consolidation and critical state lines from the modified Cam-clay model, using the 

elastoplastic parameters:  ,  , N  and   (= N ( )   ln2). Looking at these results, 

it can be seen that the soil compression theory of classical soil mechanics, based on the 

e log p  relation and dilatancy N    , is powerless to deal with the 

compaction/densification of sand.  

 

Figure A2.54 is an enlargement of e p  relationship in Figure A2.53. This illustrates 

vividly the impossibility of trying to compact loose sand under monotonic loading. At a 

pressure above 2000 kPa, the sand particles are finally crushed to destruction. Figure 

A2.54 is also important for showing that no concept of “maximum past loading” is 

needed for a definition of the overconsolidation ratio. Let’s next look more closely at 

that aspect.  

 

Fig. A2.53 Overall behavior of “compaction” of a loose sand under repeated shear stress application 
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The changes in void ratio and in R  and *R  are shown enlarged in Figure A2.55, for 

the third cycle of the repeated shear stress. Although these Figures are simply a blowing 

up of Figure A2.54, the larger scale does aid comprehension. There are significant 

compressions during the loading stages (a) (b), (c) (d) and (e) (f). How large a 

compression occurs can be appreciated from Eq. (A2.101) as well as from the increase 

of *R . However, the loss of overconsolidation accompanying the loading process is 

extremely small. By contrast, the increase in overconsolidation that occurs in the 

unloading states (b) (c) and (d) (e) of the repeated loading is highly conspicuous. In 

this way, while the structure is destroyed early on by the repeated loading, 

overconsolidation goes on accumulating, leading to a diminution in R . The same 

 

Fig. A2.54 Compaction and isotropic compression of loose sand 
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Fig. A2.55 Detailed behavior during “compaction” procedure 
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tendency can be gleaned from Figure A2.53. 

 

The fact that there is so little loss of overconsolidation in the loading stage implies that 

the increases in size of the Subloading and Superloading yield surfaces under loading 

must be comparable, so that there is almost no change in the ratio between them. 

However, whereas the Superloading yield surface, after increasing in size under loading, 

hardly alters its position in response to the subsequent unloading, the Subloading yield 

surface follows the response of diminution in the current stress and reduces its shape in 

turn. Since the overconsolidation ratio is determined as the size ratio between the 

Superloading and Subloading yield surfaces, and since every repeated cycle of loading 

means that the Superloading yield surface will increase in size while the size of the 

Subloading yield surface will remain tied to the position of current stress, the 

overconsolidation ratio, in a case of sand like this, will go on and on rising, as shown in 

Figure A2.56. 

 

(3)  Drained and undrained behaviors of sand with various densities 

The e p  in Figure A2.53 is relabeled here as Figure A2.57. Figure A2.57 

shows five states of the sand, [1] [5], as indicated by void ratio e , R  and *R , 

obtained in the course of compaction at five stages of repeated loading, beginning at 

 

Fig. A2.56 Enlargement of Superloading yield surface due to repeated loading 
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initial state [1]. ( n  indicates the number of each shear cycle.) Looking at the five states, 

we recognize them as: 

[1]: loose sand 

[2]: medium loose sand 

[3]: medium dense sand 

[4]: dense sand 

[5]: very dense sand 

 

These five states of sand are all obtained from the same sand. That is to say, the five 

states [1] [5] of this sand have all been generated spontaneously by assigning the 

elastoplastic and evolution parameters of Table A2.5 to SYS Cam-clay model and then 

computing the responses to repeated shear stresses on the basis of the initial conditions 

shown in Table A2.7. It is to be stressed that they are not simply five states that are 

invented arbitrarily. (The initial values of medium dense sand in previous section are 

regarded to be [3].) 

 

 

   

 

Fig. A2.57 Five different sand specimens as distinguished by “compaction” procedure 
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Fig.  

A2.58 Undrained triaxial compression behaviors of the five and specimens of different densities 
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Fig. A2.59 Experimental results corresponding to Fig. A2.58  

(after Nakano and Nakai, 2004) 
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In the next, how these five different kinds of sand will respond to undrained and drained 

triaxial tests will be computated. Figure A2.58 shows the elastoplastic response 

obtained from SYS Cam-clay model for an undrained triaxial compression test with 

constant lateral cell pressure. All of these sand responses are derived from the same 

elastoplastic and evolution parameters (Table A2.5). Moreover, as was stressed above, 

the initial conditions of the specimen in each of the five cases are obtained by 

successive calculations from the original loose state of the same sand. It will therefore 

be evident that the undrained shear responses in Figure A2.58 are all the results of a 

Table A2.8 Physical properties of the sand tested in laboratory 

 

Specific gravity of grains sG  2.65 

Maximum void ratio maxe  1.06 

Minimum void ratio mine  0.64 

 

 

Fig. A2.60 Drained triaxial compression behaviors of the five and specimens of different densities 
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variation of void ratio, overconsolidation ratio, degree of structure and anisotropy in the 

same sand specimen. What happens when the test is actually performed in a laboratory 

is shown in Figure A2.59. These test results come from work by Nakano and Nakai 

(2004). The physical specifications of the sand used are given in Table A2.8. It is 

important to notice the good qualitative and quantitative match between Figures A2.58 

and A2.59. The qualitative tendencies of the test finding in Figure A2.59 have long 

been familiar in experimental soil mechanics (Castro, 1969). In addition, there is also a 

line called “phase transformation line” in Figure A2.59. The slope of this line is 1.2 that 

is larger than the critical state constant 1.0M  . Finally, when the stress ratio is high 

enough, the so-called “failure line” can also be depicted. The changes in the slopes of 

these lines lie in that the watershed of plastic expansion and plastic compression Ma  

varies as extent of anisotropy develops during the shear action. From the experimental 

results that the phase transformation line and failure line appear, we can conclude that 

the evolutional rate of anisotropy for sand is relatively rapid.  

 

There have been attempts by some researchers and research groups to explain the 

experimental findings of Figure A2.59 by setting up separate models or separate 

elastoplastic parameters. However, they have virtually nothing to say on the subject of 

the drained shearing of sand. This is because, in drained conditions, both loose and 

dense sand undergo very noticeable changes in sedimentation through shearing.  

 

Figure A2.60 shows the elastoplastic response of 5 sands corresponding to Figure 

A2.57 for a drained triaxial compression test with constant lateral cell pressure. The 

qualitative tendency in Figure A2.60 is already well-known from the classic 

experiments of soil mechanics (Bishop and Henkel, 1962).  
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